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ABSTRACT 
 
This study experimentally and analytically evaluates the response of unbonded post-
tensioned precast concrete walls with horizontal joints under combined gravity and 
quasi-statically applied monotonic and cyclic lateral loads.  A set of generalized closed-
form expressions are derived to estimate base shear and lateral drift response values that 
define a tri-linear idealized base shear-lateral drift response curve for these walls under 
monotonic lateral loads.  The closed-form expressions are incorporated into a 
previously-proposed seismic design approach for designing seismic resistant buildings 
using unbonded post-tensioned precast walls. 
 
The seismic design approach allows these walls to be designed to soften and satisfy 
nonlinear displacement demands under code-specified design level ground motions 
without yielding the post-tensioning (PT) steel.  These walls can also be designed to 
satisfy nonlinear displacement demands under maximum considered ground motions 
without fracture of the PT steel, or compression failure of the wall. 
 
The experimental program consists of five walls tested under combined gravity and 
lateral loads.  Results show that the limit states that characterize the lateral load 
response of the walls occur as anticipated.  Test results show that these walls can 
undergo significant nonlinear lateral drifts without significant damage, and can 
maintain their ability to self-center, eliminating residual lateral drift.  The experimental 
results are used to verify the accuracy of the closed-form expressions and of a nonlinear 
fiber model previously proposed to analyze unbonded post-tensioned walls under 
combined gravity and lateral loads. 
 
In general, excellent agreement exists between experimental results, results from  the 
closed-form expressions, and fiber model analysis results for monotonic loading, except 
that the analytical models overestimate the experimentally-observed lateral drift 
capacity of the walls.  The accuracy of the fiber model in predicting the cyclic lateral 
load response of the walls depends on the amount of initial prestress on the walls.  The 
fiber model is very accurate for the walls with higher prestress, but overpredicts the 
base shear capacity of the walls with lower prestress.  In general, the accuracy of the 
analytical models is good, but caution must be exercised when analyzing walls under 
cyclic or dynamic loading using the fiber model, because the base shear capacity may 
be overestimated. 
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 CHAPTER 1 
 
INTRODUCTION 
 
1.1 OVERVIEW 
The aftermath of past earthquakes has demonstrated the superior seismic performance of 
buildings with reinforced concrete walls as the primary lateral load resisting system 
(Fintel 1995).  Precast concrete construction in particular offers the benefits of improved 
quality control, fast erection, cost effectiveness, and construction efficiencies.  Therefore, 
the use of precast concrete structural walls for earthquake resistance in buildings 
combines the benefits of lateral load resisting walls and precast concrete systems.  
However, the use of precast concrete seismic systems in the United States is severely 
constrained by the provisions of model building codes (e.g., Uniform Building Code 
(1997), Building Seismic Safety Council (1997), and International Building Code 2003 
(2002)).  The building codes require that precast seismic system be shown by analysis 
and tests to have lateral load resisting characteristics that are equal or superior to those of 
monolithic cast-in-place reinforced concrete systems.  This requirement has led to the 
development of a design philosophy known as “cast-in-place emulation” (Shultz and 
Magaña 1996). 
 
The precast concrete systems that can be designed under the current model building 
codes use “wet” joints, which are made with cast-in-place concrete, to achieve cast-in-
place emulation.  However, these systems do not have all of the economic advantages of 
precast concrete because they require the use of both cast-in-place concrete and steel 
components in the joints.  Furthermore, precast concrete systems that emulate cast-in-
place concrete have joints that are typically proportioned with sufficient strength to avoid 
inelastic deformation, causing plastic hinges to form away from the joints (a costly 
alternative) (Shultz and Magaña 1996). 
 
An alternative is the use of “dry” joints, which are made by bolting, welding, or by other 
mechanical means.  The behavior of precast concrete systems with “dry” joints differs 
from that of cast-in-place systems because the joints create natural discontinuities in the 
structure.  The joints are often inherently less stiff than the precast members, and so 
deformations tend to be concentrated in them.  This presents an opportunity for the 
development of innovative structural systems that have excellent seismic behavior 
characteristics that are quite different from those of cast-in-place construction (Stanton 
1994). 
 
In response to the recognized need for research on precast concrete systems for seismic 
regions, the PRESSS (PREcast Seismic Structural Systems) research program was 
initiated in 1990.   The PRESSS research program was a coordinated program of 
analytical and experimental research aimed at the development of seismic design 
provisions for precast concrete structures (Priestley 1991).  Research projects in the 
PRESSS program have identified and evaluated the most promising seismic precast 
concrete building systems (PRESSS Phase I) and performed experimental and analytical 
 1-2 
studies of components and subassemblages of precast systems selected during Phase I 
(PRESSS Phase II).  The PRESSS experimental and analytical research showed that the 
use of unbonded post-tensioning to join precast members has beneficial effects on the 
hysteretic load-deformation behavior of precast concrete subassemblages (Cheok et al. 
1993, MacRae and Priestley 1994, and Priestley and Tao 1993).  Specifically, this type of 
construction exhibits a nonlinear-elastic load-deformation response.  The nonlinearity 
results from gap opening that occurs at the joints as the precompression due to 
prestressing is overcome by the moment due to lateral load.  Early work, directed 
primarily at frame structures, showed that through the use of unbonded post-tensioned 
construction, it is possible to prevent or delay yielding in the post-tensioning (PT) steel, 
and thus maintain the prestress during seismic response.  Similar behavior is not possible 
in bonded post-tensioning systems. 
 
The flexural behavior of unbonded post-tensioned precast concrete walls with horizontal 
joints has been investigated analytically at Lehigh University (Kurama et al. 1996, 1997, 
1999a, 1999b).  The analytical study shows that, as a result of unbonding, large nonlinear 
lateral displacements can be achieved in a wall without yielding or fracturing the PT 
steel.  Dynamic analysis results indicate that unbonded post-tensioned precast concrete 
walls have large flexural ductility and self-centering capability and do not sustain 
significant damage or excessive drift under moderate-to-severe earthquakes (Kurama 
1997).  The experimental results required to verify the analytical model used in that study 
are made available by the present study. 
 
1.2 BACKGROUND 
1.2.1 Unbonded Post-Tensioned Construction 
In unbonded post-tensioned construction, PT steel is placed in ducts which remain 
ungrouted after the steel is prestressed.  This lack of grout eliminates the opportunity for 
the PT steel to bond and thus achieve strain compatibility with the surrounding concrete.  
As a result, the behavior of unbonded post-tensioned members differs from that of 
bonded post-tensioned members.  For a bonded post-tensioned member, an assumption of 
strain compatibility between the PT steel and the adjacent concrete is often made.  Thus, 
the change in strain in the PT steel is assumed to be the same as the change in strain in 
the concrete adjacent to the PT steel.  However, for an unbonded post-tensioned member, 
strain compatibility between the PT steel and the adjacent concrete does not exist.  
Instead, the change in strain in the PT steel is assumed uniform over the unbonded length 
of the steel and equal to the average change in strain in the concrete adjacent to the PT 
steel over the unbonded length.  As a result, in unbonded post-tensioned construction, the 
PT steel reaches the yield point at larger overall member deformations as compared to 
that in bonded post-tensioned construction (Kurama et al. 1997). 
 
1.2.2 Previous Research on Unbonded Post-Tensioned Precast Concrete Walls 
A limited number of tests have been performed in the United States on isolated multi-
story precast concrete structural walls with horizontal joints typical of North American 
practice (Oliva et al. 1989, Armouti 1993).  In addition, the PRESSS research program 
investigated the seismic response of a five-story precast concrete building that used 
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unbonded post-tensioned precast concrete walls with ductile vertical joint connectors to 
resist the lateral loads in one direction of the structure and various ductile precast frame 
systems in the orthogonal direction (Priestley et al. 1999).  This research has shown that 
precast concrete structural walls that are well designed and well detailed can survive 
strong seismic motions without collapse.  The damage that does occur is limited to the 
region near the horizontal joint at the base of the wall.  For example, the structure tested 
by Priestley et al. (1999) suffered minimal damage when tested in the direction of the 
walls, despite being subjected to an earthquake of intensity 50% higher than the design 
level earthquake ground motion.  Investigations have shown that shear slip and gap 
opening along the horizontal joints contribute to the drift of precast walls under lateral 
load.  It is suggested that shear slip along the horizontal joints should be prevented 
because it may lead to an accumulation of unrestrained lateral displacements when slip 
occurs predominantly in one direction.  Thus, gap opening in flexure along the horizontal 
joints is the preferred mode of deformation for precast walls because this mechanism can 
be controlled to prevent an accumulation of lateral displacements. 
 
The flexural behavior of unbonded post-tensioned precast concrete walls with horizontal 
joints was investigated analytically at Lehigh University (Kurama et al. 1996, 1997, 
1999a, 1999b).  The study conducted by Kurama et al. uses the fiber beam-column 
element in the DRAIN-2DX program (Prakash and Powell 1993) to model the axial-
flexural behavior of an unbonded post-tensioned precast concrete wall.  Kurama et al. 
showed that a well-designed unbonded post-tensioned precast concrete wall with 
horizontal joints that is subjected to cyclic lateral loading does not suffer degradation of 
the initial lateral stiffness and has good self-centering capability (i.e., after the lateral 
loads are removed, the drift is essentially zero).  As a result, the lateral load response is 
very close to being nonlinear-elastic, resulting in little inelastic energy dissipation per 
cycle of loading. 
 
Additional analytical research was conducted at Lehigh University on unbonded post-
tensioned precast concrete walls comprised of full-height precast concrete panels that are 
connected along vertical joints with ductile vertical joint connectors and along horizontal 
joints at the wall base with unbonded post-tensioning steel (Perez 1998, Perez et al. 
2004a, 2004b).  Limited cyclic lateral load analyses showed that unbonded post-
tensioned precast concrete walls with vertical joints and ductile connectors develop wide, 
stable hysteresis loops, which provide good inelastic energy dissipation with good self-
centering behavior.  For the prototype wall considered in that study, 93% of the area 
within the hysteresis loops was generated by the force-deformation behavior of the 
vertical joint connectors.  The vertically-jointed wall tested by Priestley et al. (1999) 
dissipated a considerable amount of energy and had a very low residual drift after the 
lateral loads were removed.  Therefore, the vertical joint connectors can contribute 
significantly to the hysteretic behavior and energy dissipation capacity of unbonded post-
tensioned precast concrete walls without sacrificing the self-centering capability. 
 
Rahman and Restrepo (2000) tested a hybrid unbonded post-tensioned precast concrete 
wall with supplemental energy dissipation that was provided in the form of bonded mild 
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steel reinforcement that extends from the bottom of the wall into the foundation across 
the horizontal joint at the wall base.  The results showed that the mild steel reinforcement 
was effective in adding energy dissipation to the unbonded post-tensioned wall, without 
sacrificing its ability to self-center. 
 
Kurama (2000) has proposed a passive energy dissipation system for unbonded post-
tensioned precast walls, using linear viscous fluid dampers, to limit the maximum roof 
drifts under dynamic loading.  The analytical investigation showed that walls with 
supplemental energy dissipation have significantly smaller variability in the maximum 
roof drift than walls without supplemental energy dissipation.  Furthermore, the 
supplemental energy dissipation helps to reduce the large roof drift cycles that occur in 
the walls after the maximum roof drift is reached.   
 
1.3 OBJECTIVES AND APPROACH 
1.3.1 Objectives 
The objective of this study is to experimentally evaluate the lateral load response of 
unbonded post-tensioned precast concrete walls with horizontal joints and to verify two 
analytical models which are used to predict the lateral load response of these walls.  The 
two analytical models consist of: (1) a fiber model originally proposed by Kurama et al. 
(1996) using the DRAIN-2DX program (Prakash and Powell 1993) for analyzing 
unbonded post-tensioned precast concrete walls under combined gravity and lateral loads; 
and (2) a tri-linear idealized base shear-lateral drift response curve based on a set of 
generalized closed-form expressions derived in this dissertation to predict the lateral load 
response of unbonded post-tensioned precast concrete walls. 
 
1.3.2 Approach 
In order to achieve the objective stated above, the following research approach is taken: 
 
1. Perform a literature survey on previous research related to the seismic behavior 
and design of unbonded post-tensioned precast concrete walls with horizontal 
joints. 
2. Derive a set of generalized closed-form expressions for predicting the lateral load 
response of unbonded post-tensioned precast concrete walls with horizontal joints. 
3. Incorporate the closed-form expressions into a previously-developed seismic 
design approach for buildings with unbonded post-tensioned precast concrete 
walls (Kurama et al. (1996)). 
4. Design an experimental program based on previous analytical studies conducted 
by Kurama et al. (1996). 
5. Experimentally evaluate the lateral load response of five test walls (i.e., test 
specimens) under combined gravity and monotonic or cyclic lateral loading. 
6. Verify the accuracy of the two analytical models using the experimental data. 
 
1.4 ORGANIZATION OF REPORT 
The remainder of this dissertation is organized into eight chapters (Chapters 2-9).  
Chapter 2 derives a set of generalized closed-form expressions for predicting the lateral 
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load response of unbonded post-tensioned precast concrete walls with horizontal joints.  
The results from the closed-form expressions are used to define a tri-linear idealized base 
shear-lateral drift response for these walls.  Chapter 3 summarizes a previously-
developed seismic design approach for buildings with unbonded post-tensioned precast 
concrete walls and shows how the closed-form expressions derived in Chapter 2 are used 
to estimate various wall capacities in the design approach.  Chapter 4 describes the design 
of a prototype structure and a full-scale prototype wall.  Chapter 5 describes the 
experimental program and describes the test matrix, which consist of five test walls.  
Chapter 6 presents the experimental results for the five test walls.  Chapter 7 describes 
how the test walls are modeled using the fiber model proposed by Kurama et al. (1996).  
Chapter 8 compares results from the two analytical models treated in the present study 
with the experimental results for the five test walls.  Finally, Chapter 9 presents a 
summary and the conclusions of the present study, and identifies future research topics. 
 
1.5 NOTATION 
The following notation is used in this dissertation: 
 
Ab = area of one PT bar 
Ac = area of spiral confined concrete core 
Acg = gross concrete area near one end of the wall 
Anet = net cross-sectional area 
Ap = total area of PT steel in the wall 
Ap1 = total area of PT steel in PT steel group 1 
Ap2 = total area of PT steel in PT steel group 2 
Ap3 = total area of PT steel in PT steel group 3 
wA′  = effective shear area of the wall 
Aw,net = net cross-sectional area of the wall 
a = depth of equivalent rectangular compression stress block 
a ′′  = equivalent confined concrete stress block length measured from centerline of  
confining reinforcement 
C = concrete compression stress resultant at wall base 
Cccc = C at CCC 
Cd = deflection amplification factor 
Cdec = C at DEC 
Ci = concrete compression stress resultant at wall base after the application of  
  prestress forces and gravity loads 
Cllp = C at LLP 
Cs = seismic response coefficient 
Cspl = C at SPL 
C* = C determined from F.S. (fiber stress) model 
CCC = limit state corresponding to crushing of confined concrete 
C.F.E. = closed-form expressions 
c = contact length at wall base 
cdec = c at DEC 
cllp = contact length at wall base measured from compression edge of wall 
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cspl = c at SPL 
c ′′  = post-spalling contact length at wall base measured from centerline of 
confining reinforcement 
cccc ′′  = post-spalling contact length at wall base measured from centerline of 
confining reinforcement at CCC 
fpc ′′  = post-spalling contact length at wall base measured from centerline of 
confining reinforcement at fracture of PT steel 
llpc ′′  = post-spalling contact length at wall base measured from centerline of 
confining reinforcement at LLP 
newc ′′  = new post-spalling contact length at wall base measured from centerline of 
confining reinforcement 
DEC = limit state corresponding to decompression at the wall base 
d = diameter 
Ec = elastic modulus of concrete 
Ed = cumulative energy dissipation 
Ed,max = maximum cumulative energy dissipation 
ELL = effective linear limit state 
Ep = modulus of elasticity of PT steel 
Exp. = experimental 
eNi = eccentricity of Ni measured from the wall centerline 
eNr = eccentricity of Nr measured from the wall centerline 
ep = eccentricity of PT steel from wall centerline to centroid of PT steel group 
F.M.A. = fiber model analysis 
Fw,i = lateral force on wall at floor i 
Fw,r = lateral force on wall at roof level 
cf ′  = unconfined concrete compressive strength 
ccf ′  = confined concrete compressive strength 
fci,p = average initial stress in concrete due to prestressing 
fp = stress in PT steel 
fpi = stress in PT steel after the application of prestress forces and gravity 
  loads (also referred to as the initial stress in the PT steel) 
fp,PT1 = fp in PT bar 1 
fp,PT2 = fp in PT bar 2 
fp,PT3 = fp in PT bar 3 
fp,PT4 = fp in PT bar 4 
fp,PT5 = fp in PT bar 5 
fp,PT6 = fp in PT bar 6 
fpr = residual stress in PT steel after unloading from beyond the yield stress 
fpu = tensile strength of PT steel 
fpy = yield stress of PT steel 
fp1i = initial stress in PT steel in group 1 
fp2i = initial stress in PT steel in group 2 
fp3i = initial stress in PT steel in group 3 
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fs = stress in transverse (i.e., confining) steel 
fsl = stress in longitudinal (i.e., vertical) steel 
fsu = tensile strength of transverse steel 
fsy = yield stress of confining steel 
Gc = shear modulus of concrete 
Hact = lateral load actuator height measured from the wall base 
Hcr = critical confined concrete crushing height measured from the wall base 
Hi = height of floor level i measured from the base of the wall 
Hr = height of roof level measured from the base of the wall (equal to Hw) 
Hunb = unbonded height of PT steel 
Hw = total wall height 
h = story height 
hcr = height over which confining reinforcement is provided from the  
wall base 
hLBR = height between instruments EXT Pnl SP and LB SP-S used to compute θLB 
I = importance factor 
Iw = moment of inertia of the uncracked section of the wall 
i = floor level 
j = floor level 
kw = wall lateral stiffness 
kwi = wall initial lateral stiffness 
LLP = limit state corresponding to yielding of PT steel 
l = location of C measured from the wall centerline 
l* = location of C* measured from the wall centerline 
lact = original lateral load actuator length when attached to undisplaced test wall 
lLBR = horizontal distance between instruments LBYW and LBYE 
lC = location of C measured from compression end of the wall 
lC,dec = lC at DEC 
lC,llp = lC at LLP 
lC,spl = lC at SPL 
lcr = length over which confining reinforcement is provided from each end of the  
wall 
lgo = gap opening length measured from tension end of the wall 
lgo,ccc = lgo at CCC 
lgo,dec = lgo at DEC 
lgo,llp = lgo at LLP 
lgo,spl = lgo at SPL 
lR = horizontal length between actuator Pin 2 and estimated neutral axis location 
lw = wall length 
wl ′′  = wall length measured between centerlines of confining reinforcement 
lx = maximum horizontal spacing of hoop cross-tie legs on all faces of the wall 
l1 = distance from NA location to centroid of PT steel group 1 
l2 = distance from NA location to centroid of PT steel group 2 
l3 = distance from NA location to centroid of PT steel group 3 
Mb = test wall base moment due to applied lateral loads 
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CM  = moment at wall base due to C 
*
CM  = moment at wall base due to C
* 
Mccc = moment at wall base due to applied lateral loads at CCC 
Mdec = moment at wall base due to applied lateral loads at DEC 
Mell-1 = moment at wall base due to applied lateral loads at ELL governed by 
nonlinear behavior of concrete in compression 
Mllp = moment at wall base due to applied lateral loads at LLP 
MN = total moment at wall base due to eccentric gravity loads 
MN,i = concentric moment at ith floor level due to eccentric Ni 
MN,r = concentric moment at roof level due to eccentric Nr 
m = modular ratio 
N = total gravity load at the wall base 
Nact = superimposed gravity load on test wall applied using gravity load actuators 
Ni = gravity load at ith floor level, including panel self-weight 
Nr = gravity load at roof level, excluding top panel self-weight 
Nsw = total estimated self-weight of test wall 
Pi = total force in the PT steel after the application of prestress forces and gravity 
loads (also referred to as the total initial prestress force on the wall) 
iP′  = total force in PT bar after elastic shortening due to post-tensioning 
Pt = total force applied to a truss element 
Qd = wall linear-elastic base shear demand for the design level ground motion 
s
dQ  = structure linear-elastic base shear demand for the design level ground motion 
Qm = wall linear-elastic base shear demand for the maximum considered ground  
motion 
s
mQ  = structure linear-elastic base shear demand for the maximum considered  
ground motion 
R = IBC-2003 response modification coefficient 
r = total number of stories in a wall 
rFi = ratio of the force in the ith floor level to the wall base shear 
rFr = ratio of the force at the roof level to the wall base shear 
rHi = ratio of the ith floor height to the total height of the wall 
rHr = ratio of the roof height to the total height of the wall (equal to unity) 
SPL = limit state corresponding to initiation of cover spalling 
s = pitch of confining reinforcement 
T = fundamental period of the structure 
TPT1 = force in PT bar 1 
TPT2 = force in PT bar 2 
TPT3 = force in PT bar 3 
TPT4 = force in PT bar 4 
TPT5 = force in PT bar 5 
TPT6 = force in PT bar 6 
T1 = total force in PT steel group 1 
T1i = total initial prestress force in PT steel group 1 
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T2 = total force in PT steel group 2 
T2i = total initial prestress force in PT steel group 2 
T3 = total force in PT steel group 3 
T3i = total initial prestress force in PT steel group 3 
TW1 = test wall 1 
TW2 = test wall 2 
TW3 = test wall 3 
TW4 = test wall 4 
TW5 = test wall 5 
t = thickness 
tw = wall thickness 
wt ′′  = wall thickness measured between centerlines of confining reinforcement 
Vact = lateral load actuator force 
Vccc = base shear at CCC 
Vd = wall design base shear demand 
s
dV  = structural design base shear demand 
Vd-acc = wall base shear demand due to story twist from accidental torsion 
Vdec = base shear at DEC 
Vd-trans = wall base shear demand due to story translations induced by the ground  
motion 
Vell = base shear at ELL 
Vell-1 = base shear at ELL due to nonlinear behavior of concrete in compression 
Vell-2 = base shear at ELL due to gap opening 
Vi = base shear at current point, i 
Vi-1 = base shear at previous point, i-1 
Vllp = base shear at LLP 
Vmax = wall base shear demand for the maximum considered ground motion 
Vspl = base shear at SPL 
Vw = wall base shear (equal to sum of applied lateral loads) 
Vx = horizontal force component of Vact 
Vy = vertical force component of Vact 
ν = Poisson’s ratio 
W = structure seismic weight 
α = equivalent stress block parameter for confined concrete 
αd = factor used to define softening base shear demand 
αm = factor used to relate the maximum considered ground motion to the design  
level ground motion 
β = equivalent stress block parameter for confined concrete 
β1 = equivalent stress block parameter for unconfined concrete 
∆act,x = horizontal component of lateral load actuator translation 
∆act,y = vertical component of lateral load actuator translation 
∆ccc = roof displacement at CCC 
∆ccc,el = elastic roof displacement at CCC 
∆dec = roof displacement at DEC 
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∆ell = roof displacement at ELL 
∆Ed(x to y) = change in normalized Ed in one loading cycle between drift x and drift y 
∆ExtPnl = lateral displacement at top of extension panel 
∆llp = roof displacement at LLP 
∆Fj = elastic deflection of the wall at floor j in flexure due to lateral loads 
∆Fr,ccc = elastic roof deflection in flexure at CCC due to lateral loads 
∆Fr,dec = elastic roof deflection in flexure at DEC due to lateral loads 
∆Fr,ell = elastic roof deflection in flexure at ELL due to lateral loads 
∆Fr,llp = elastic roof deflection in flexure at LLP due to lateral loads 
∆GOE = gap opening width at east end at base of test wall 
∆GOW = gap opening width at west end at base of test wall 
∆go = roof deflection due to rigid-body rotation from gap opening 
∆INSTR-i = displacement measured using instrument INSTR-i 
∆j = elastic deflection of floor level above story j 
∆j-1 = elastic deflection of floor level below story j 
∆LB = lateral displacement of loading block 
∆LBYE = vertical displacement of east end of loading block 
∆LBYW = vertical displacement of west end of loading block 
∆llp,el = elastic roof deflection due to lateral loads at LLP 
∆Nj = elastic deflection of the wall at floor j in flexure due to eccentric gravity  
loads 
∆Nr,ccc = elastic roof deflection in flexure at CCC due to eccentric gravity loads 
∆Nr,dec = elastic roof deflection in flexure at DEC due to eccentric gravity loads 
∆Nr,ell = elastic roof deflection in flexure at ELL due to eccentric gravity loads 
∆Nr,llp = elastic roof deflection in flexure at LLP due to eccentric gravity loads 
∆Pj = elastic deflection of the wall at floor j in flexure due to different initial  
prestress forces T1i and T3i 
∆Pr,ccc = elastic roof deflection in flexure at CCC due to different forces T1 and T3 
∆Pr,dec = elastic roof deflection in flexure at DEC due to different initial prestress  
  forces T1i and T3i 
∆Pr,ell = elastic roof deflection in flexure at ELL due to different initial prestress  
  forces T1i and T3i 
∆Pr,llp = elastic roof deflection in flexure at LLP due to different forces T1 and T3 
∆Sj = deflection of the wall at floor j due to elastic shear deformations 
∆Sr,ccc = roof deflection at CCC due to elastic shear deformations  
∆Sr,dec = roof deflection at DEC due to elastic shear deformations  
∆Sr,ell = roof deflection at ELL due to elastic shear deformations  
∆Sr,llp = roof deflection at LLP due to elastic shear deformations  
∆v1 = gap opening width at location of PT steel group 1 
∆1 = lateral displacement of test wall floor 1 
∆2 = lateral displacement of test wall floor 2 
∆3 = lateral displacement of test wall floor 3 
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δall = allowable story drift 
δd = maximum story drift demand 
δje = linear-elastic story drift 
εc,llp = strain in confined concrete at LLP 
εcu = ultimate strain capacity of confined concrete 
εINSTR-i = strain measured using instrument INSTR-i 
εp = strain of PT steel 
εpf = fracture strain of PT steel 
εpi = initial strain in PT steel 
εpu = strain of PT steel at peak stress 
εpy = yield strain of PT steel 
εp1 = strain of PT steel in group 1 
εp2 = strain of PT steel in group 2 
εp3 = strain of PT steel in group 3 
εs = strain of confining steel 
εsf = fracture strain of confining steel 
εsu = strain of confining steel at peak stress 
Φf = wall base shear capacity reduction factor 
φccc = curvature at CCC at wall base 
φllp = curvature at LLP at wall base 
Θ = lateral drift 
Θccc = lateral drift at CCC 
Θd = maximum roof drift demand under the design level ground motion 
Θdec = lateral drift at DEC 
Θell = lateral drift at ELL 
Θfp = lateral drift at fracture of PT steel 
Θg = lateral drift corresponding to failure of the gravity load resisting system 
Θi = lateral drift at current point, i 
Θi-1 = lateral drift at previous point, i-1 
Θllp = lateral drift at LLP 
Θm = maximum roof drift demand under the maximum considered ground motion 
Θspl = lateral drift at SPL  
ΘVmax = lateral drift corresponding to Vmax 
ρh = area ratio of hoop reinforcement 
ρh,lw = area ratio of hoop reinforcement in the lw direction 
ρh,tw = area ratio of hoop reinforcement in the tw direction 
ρhoriz = horizontal reinforcement area ratio 
ρsp = volumetric ratio of spiral reinforcement 
ρtw = total transverse web reinforcement area ratio 
ρv = vertical reinforcement area ratio 
θact = angle of rotation of lateral load actuator 
θb = angle of rotation at wall base 
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θccc = angle of rotation at wall base at CCC 
θfp = angle of rotation at wall base at fracture of PT steel due to gap opening 
θLB = angle of rotation at centerline of loading block 
θLBYE = angle of rotation of instrument LBYE 
θLBYW = angle of rotation instrument LBYW 
θllp = angle of rotation at wall base at LLP due to gap opening 
θlw/2 = angle of rotation at a height lw/2 from the wall base 
θ1 = angle of rotation of Floor 1 
θ2 = angle of rotation of Floor 2 
θ3 = angle of rotation of Floor 3 
θ∆1 = angle of rotation of Floor 1 LVDT 
θ∆2 = angle of rotation of Floor 2 LVDT 
θ∆3 = angle of rotation of Floor 3 LVDT 
θ∆LB = angle of rotation of LB SP-S 
θ∆ExtPnl = angle of rotation of Ext Pnl SP 
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 CHAPTER 2 
 
EXPECTED LATERAL LOAD BEHAVIOR OF UNBONDED 
POST-TENSIONED PRECAST CONCRETE WALLS 
 
This chapter discusses the expected behavior of unbonded post-tensioned precast 
concrete walls with horizontal joints under gravity and lateral loads.  Section 2.1 
identifies the analysis assumptions.  The wall parameters are presented in Section 2.2.  
Section 2.3 discusses the wall limit states that characterize the lateral load response of 
these walls.  Lastly, Section 2.4 derives closed-form expressions to estimate various base-
shear-roof-drift wall capacities which define the tri-linear lateral load response of a wall. 
 
2.1 ANALYSIS ASSUMPTIONS 
Figure 2.1 shows the deflected shape of an unbonded post-tensioned precast concrete 
wall under lateral loads.  The forces that develop in the wall as it deforms laterally are 
shown in Figure 2.2 and are discussed in Section 2.2.  The following analysis 
assumptions are made: 
 
1. The wall undergoes in-plane axial, flexural, and shear deformations only.  Torsional 
and out-of-plane deformations of the wall are not considered. 
 
2. Seismic forces at each floor and at the roof are transferred to the wall by floor and 
roof diaphragms through adequate connections between the wall panels and the 
diaphragms, which enable the wall to pivot about its own neutral axis.  The 
diaphragms are assumed to be rigid for in-plane forces. 
 
3. The applied initial prestress forces are less than the yield stress of the PT steel. 
 
4. All PT steel anchorages remain fully effective during the seismic response of the 
wall. 
 
5. Elastic and inelastic deformations that may occur in the foundation or the supporting 
ground are not considered. 
 
6. The wall is adequately braced against out-of-plane buckling. 
 
2.2 WALL PARAMETERS 
Figure 2.2 shows the forces acting on a wall that is comprised of an arbitrary number of 
panels (i.e., floor levels).  The letter i represents the floor level, which ranges from 1 to r, 
where r represents the total number of floor levels supported by the wall.  The length, 
thickness, and height of the wall are denoted by lw, tw, and Hw, respectively.  The height 
of each floor level, Hi can be expressed as a fraction of the total wall height, Hw by: 
wHii HrH ⋅=      (2-1) 
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where rHi is the ratio of the height of floor level i to the wall height.  The height of the 
roof level, Hr is calculated using Equation 2-1 with i = r.  Since the height of the roof 
level is the height of the wall, rHr = 1 and Hr = Hw as shown in Figure 2.2. 
 
Figure 2.2 shows the forces that act on the wall.  These forces are: (1) floor and roof 
lateral loads transmitted to the wall by the floor and roof diaphragms (Fw,i and Fw,r); (2) a 
wall base shear force that is in horizontal equilibrium with the wall lateral loads (Vw); (3) 
a gravity load at each floor level, which accounts for the floor load supported by the wall 
as well as the wall panel self-weight (Ni); (4) a gravity load at the roof level, which 
accounts for the roof load supported by the wall (Nr); (5) post-tensioning forces (T1, T2, 
and T3); and (6) a concrete compression stress resultant at the base (C).  Each of these 
forces is described more fully below. 
 
As shown in Figure 2.2 the lateral force acting at an arbitrary floor level is defined as Fw,i 
where i is the floor level.  This notation is used because the magnitude of the lateral load 
resisted by the wall varies along the height of the wall.  Fw,i is further expressed as a 
fraction of the total base shear of the wall, Vw by: 
wFiw,i VrF ⋅=      (2-2) 
where rFi is the fraction of the total base shear applied to the wall at floor level i.  
Similarly, the lateral force applied to the wall at the roof level, Fw,r can be expressed as: 
wFrw,r VrF ⋅=      (2-3) 
where rFr is the fraction of the total base shear applied to the wall at the roof level. 
 
As shown in Figure 2.2, the gravity force on the wall at each floor level, including the 
panel self-weight is Ni.  Similarly, the gravity force on the wall at the roof level, 
excluding the top panel self-weight is Nr.  As shown in Figure 2.2, Ni and Nr act at 
eccentricities eNi and eNr, respectively, measured positive from the wall centerline toward 
the right edge of the wall.  Defining the gravity load in this manner allows for a wall to 
have eccentric gravity loads, where the magnitude of the gravity loads and the 
eccentricities can vary among the floor and roof levels.  As shown in Figure 2.3, the 
eccentric gravity load at each floor and roof level, Ni can be replaced by the same gravity 
load acting concentrically on the wall, plus a moment MN,i measured positive in the 
clockwise direction.  Similarly, the eccentric gravity load at the roof level, Nr can be 
replaced by the same gravity load acting concentrically on the wall, plus a moment MN,r 
measured positive in the clockwise direction.  Comparing Figures 2.2 and 2.3, the 
moment at each floor level due to eccentric gravity loads is given as: 
iNiN,i  NeM ⋅=     (2-4) 
where MN,i is measured positive in the clockwise direction.  Similarly, the moment at the 
roof level due to eccentric gravity loads is given as: 
rNrN,r  NeM ⋅=     (2-5) 
where MN,r is measured positive in the clockwise direction.  The total gravity force at the 
base of the wall, N is expressed as: 
∑
=
=
,ri
iNN
1
     (2-6) 
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The total moment at the base of the wall due to eccentric gravity loads is given as: 
 ∑
=
=
,ri
N,iN MM
1
        (2-7) 
where MN is measured positive in the clockwise direction. 
 
T1, T2, and T3 in Figures 2.2 and 2.3 are the post-tensioning forces acting on groups of PT 
steel toward the left edge, at the centerline, and toward the right edge of the wall, 
respectively.  Similarly, T1i, T2i, and T3i represent the initial prestress forces in the groups 
of PT steel toward the left edge, at the centerline, and toward the right edge of the wall, 
respectively, after the application of prestress forces and gravity loads on the wall. 
 
It is noted that T1, T2, and T3 may differ from each other.  As shown in Figures 2.2 and 
2.3, the three groups of PT steel are located at a distance of ep apart, where ep is the 
eccentricity of the PT steel measured from the centerline of the wall to the centroid of the 
group of PT steel. 
 
The compression stress resultant acting at the base of the wall is defined by C, as shown 
in Figures 2.2 and 2.3.  The compression stress resultant after the application of prestress 
forces and gravity loads, but prior to the application of lateral loads is defined as Ci.  The 
length of the compression block at the base of the wall (referred to as the contact length 
at the base of the wall) is denoted as c.  Figures 2.2 and 2.3 show two compression stress 
distributions at the base of the wall (represented by a dashed and a solid line) and the 
corresponding locations of the compression stress resultant.  The stress distribution 
represented by the dashed line is a linear stress distribution which corresponds to a state 
in the lateral load response of the wall where the gap along the horizontal joint at the base 
of the wall has propagated beyond the centerline of the wall (e.g., see Figure 2.1), but the 
concrete at the compression end of the wall remains in the linear-elastic range.  As shown 
later, this linear stress distribution is assumed when calculating an upper-limit on the base 
shear corresponding to the effective linear limit state, Vell-2 (Equation 2-14).  The stress 
distribution represented by the solid line in Figures 2.2 and 2.3 corresponds to a state in 
the lateral load response of the wall where nonlinear behavior in the concrete at the 
compression end of the wall occurs after significant gap opening of the horizontal joint at 
the base.  As shown later, a nonlinear stress distribution is assumed when calculating the 
wall base shear corresponding to yielding of the PT steel, Vllp (Equation 2-25). 
 
This chapter derives closed-form expressions that are used to estimate various capacities 
of an unbonded post-tensioned precast wall under combined gravity and lateral loads.  
The closed-form expressions are derived using free-body diagrams similar to those used 
in Figures 2.2 and 2.3, which consider a wall that is loaded laterally to the right, causing 
the wall to displace to the right.  For a wall that is loaded to the right, the locations of T1 
and T3, and the locations of Ni (defined by eNi), are as defined above.  However, if the 
lateral loads are applied to the left, (a case that should be considered for a wall with 
different prestress forces, T1 and T3 or with eccentric gravity loads, Ni), then the closed-
form expressions are still valid as long as T1 and T3 are interchanged, and eNi is measured 
positive from the wall centerline toward the left edge of the wall. 
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2.3 WALL LIMIT STATES 
This section identifies the limit states for an unbonded post-tensioned precast concrete 
wall.  The wall limit states, which were originally identified by Kurama (1997), are 
presented using the tri-linear idealized base shear-roof-drift response shown in Figure 
2.4.  The roof drift quantity in Figure 2.4 is obtained by dividing the lateral displacement 
at the roof by the wall height and, as will be shown later, is expressed as a percent.  The 
wall limit states are: (1) decompression at the base of the wall (DEC); (2) effective linear 
limit of the linear-elastic response of the wall (ELL); (3) yielding of the PT steel (LLP); 
(4) base shear capacity; (5) loss of prestress under cyclic lateral load; (6) crushing of 
confined concrete (CCC); and (7) fracture of PT steel.  These limit states are described 
below.  Limit states 2 (ELL), 3 (LLP), and 6 (CCC) define the tri-linear idealized lateral 
load behavior shown in Figure 2.4. 
 
2.3.1 Decompression 
Decompression at the base of the wall occurs when the precompression due to post-
tensioning and gravity loads is reduced to zero at one edge of the wall base by the 
overturning moment due to lateral loads.  Under a specified lateral load distribution, 
decompression of the wall can be related to a specific level of base shear and roof drift, 
Vdec and Θdec respectively.  Decompression is accompanied by the initiation of gap 
opening along the horizontal joint at the base of the wall. 
 
2.3.2 Effective Linear Limit 
The lateral load response of an unbonded post-tensioned precast wall is essentially linear 
elastic immediately after decompression.  With continued drift, however, a substantial 
reduction in lateral stiffness (called softening) results from the progression of gap 
opening along the horizontal joint at the base of the wall as well as from nonlinear 
behavior of concrete in compression.  The point at which the softening is apparent is 
referred to as the effective linear limit.  The base shear and roof drift corresponding to the 
effective linear limit are denoted as Vell and Θell respectively.  Since the softening usually 
develops in a smooth and continuous manner (Kurama et al. 1999), the term effective 
linear limit is used to describe this point on the lateral load response of a wall.  As a result 
of the smooth softening behavior, there is no specific stress condition associated with this 
point. 
 
2.3.3 Yielding of Post-Tensioning Steel 
Yielding of the PT steel occurs when the strain in the PT steel reaches its yield strain.  As 
noted earlier, this research considers three groups of PT steel; two eccentric groups and 
one concentric group.  The eccentricity of the PT steel, ep is defined from the centerline 
of the wall to the centroid of the PT steel group (see Figure 2.3).  Therefore, if the 
individual PT bars in the eccentric PT steel groups are not all located at the same distance 
from the wall centerline (i.e., the bars are not aligned in a row across the wall thickness), 
then the PT bar on the tension side of the wall that is furthest from the wall centerline will 
yield first.  Although this is the true first occurrence of yielding of the PT steel in the 
wall, for simplicity the current limit state is defined as the first occurrence of yielding of 
the entire eccentric group of PT steel.  This definition of yielding of the PT steel is 
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appropriate as long as the PT bars are grouped.  If the PT bars are not grouped, then the 
current limit state should be defined as the first occurrence of yielding of any of the PT 
bars in the wall.  In this latter case, the free-body diagrams shown in Figures 2.2 and 2.3 
should account for individual PT bars as opposed to PT steel groups, and the eccentricity 
of each PT bar should be included in the derivations.  Again, for simplicity, this research 
only considers groups of PT steel.  The base shear and roof drift corresponding to 
yielding of the PT steel are denoted as Vllp and Θllp respectively.  Due to unbonding, the 
yield strain of the PT steel is usually reached after the effective linear limit is reached 
(and thus after significant softening occurs) (Kurama et al. 1999a, 1999b). 
 
2.3.4 Base Shear Capacity 
The base shear capacity of a wall is intended to be controlled by axial-flexural behavior 
rather than by shear sliding at the base.  Thus, at this limit state, the overturning capacity 
of a wall controls the base shear capacity.  The idealized lateral load behavior shown in 
Figure 2.4 neglects strain-hardening effects in the PT steel.  As a result, the base shear 
capacity of the wall is assumed to equal the base shear at the first occurrence of yielding 
in the PT steel (LLP).  Therefore, the base shear capacity equals Vllp, and the 
corresponding roof drift is Θllp. 
 
2.3.5 Loss of Prestress 
Prestress will be lost in an unbonded post-tensioned wall under cyclic lateral load when 
the wall is unloaded from a drift which has exceeded the drift at which the PT steel 
yields, Θllp.  This is illustrated in Figure 2.5, which shows a typical prestressing steel 
stress-strain relationship.  fpi is the initial stress in the PT steel after the application of 
prestress forces and gravity loads on the wall.  If the steel strain remains elastic during 
cyclic lateral loading of the wall, no loss of prestress will result (neglecting inelastic 
deformations that may occur in the concrete in a highly-stressed wall).  If the steel strain 
exceeds the yield strain, as does point 2 in Figure 2.5, some prestress will be lost after the 
lateral load is removed, since the steel unloads elastically from point 2.  Hence, after the 
lateral load is removed from the wall, the prestress is reduced from fpi to a residual value 
fpr.  Upon unloading from an even larger inelastic strain, such as point 3 in Figure 2.5, the 
entire prestress may be lost. 
 
2.3.6 Crushing of Confined Concrete 
In a well designed wall, failure of the wall occurs when the confined concrete at the base 
of the wall fails in compression.  Based on the concrete confinement model developed by 
Mander et al. (1988a, 1988b), crushing of the confined concrete occurs at an ultimate 
concrete compressive strain, εcu which is reached when the confining reinforcement 
fractures.  Significant loss of lateral load and gravity load resistance is expected to occur 
when crushing of the confined concrete occurs.  The base shear and roof drift 
corresponding to crushing of the confined concrete are denoted as Vccc and Θccc 
respectively. 
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2.3.7 Fracture of Post-Tensioning Steel 
Fracture of the PT steel occurs when the strain in the PT steel reaches its maximum 
tensile strain capacity.  Significant loss of lateral load resistance as well as loss of self-
centering capability is expected to occur when fracture of the PT steel occurs.  The roof 
drift corresponding to fracture of the PT steel is denoted as Θfp.   
 
2.4 DERIVATION OF CLOSED-FORM EXPRESSIONS 
This section derives expressions that estimate the base shear and roof drift capacities 
corresponding to points DEC, ELL, LLP, and CCC, which define the tri-linear idealized 
lateral load behavior shown in Figure 2.4.  The expressions are derived for the general 
case of an unbonded post-tensioned wall with r stories, r one-story-tall wall panels, 
eccentric gravity loads whose magnitudes and eccentricities vary along the height of the 
wall, and three groups of PT steel with different initial prestress forces. 
 
2.4.1 Base Shear at Decompression, Vdec 
Figure 2.6 shows the forces acting at the base of the wall at the decompression state.  The 
lateral loads on the wall are not shown in Figure 2.6, but the overturning moment at the 
base of the wall caused by these forces at the decompression state, Mdec is shown instead.  
Summing moments about point O in Figure 2.6, the base shear at decompression, Vdec is 
estimated by: 
( )
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NTTTC +++= 321  
iTT 11 =  
iTT 22 =  
and iTT 33 = . 
T1i, T2i, and T3i in Equation 2-8 represent the initial prestress force in each PT steel group.  
N represents the total gravity load supported by the wall at the base and MN is the total 
overturning moment (measured positive in the clockwise direction) due to eccentric 
gravity loads.  C represents the compression resultant at the base of the wall which is in 
equilibrium with N, T1, T2, and T3.   
 
The following discussion explains how the term in the denominator of Equation 2-8 is 
derived.  First, the lateral force on the wall at each floor level, Fw,i is expressed as a 
fraction of the total base shear of the wall, Vw (see Figure 2.2) using Equation 2-2, with 
Vw = Vdec.  Similarly, the lateral force on the wall at the roof level is expressed as a 
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fraction of the total base shear of the wall using Equation 2-3 with Vw = Vdec.  The height 
of each floor level and the height of the roof level, measured from the base of the wall, 
are expressed as a fraction of the total wall height, Hw using Equation 2-1, where i = 1 to 
r and rHr = 1.  Summing moments about point O in Figure 2.2, the overturning moment 
caused by the applied lateral loads (measured positive in the clockwise direction) that is 
in equilibrium with the numerator in Equation 2-8 is given by: ( ) ( )∑
=
⋅⋅⋅=
ri
decFiwHidec VrHrM
,1
                  (2-9) 
From equilibrium, Equation 2-9 is equal to the numerator in Equation 2-8.  Thus, 
factoring Vdec from Equation 2-9 and dividing through by the summation term yields 
Equation 2-8.  The values rFi and rFr in Equations 2-8 and 2-9 are determined from the 
vertical distribution of seismic forces in accordance with an applicable building code 
(e.g., IBC-2003, ASCE 7-02 (2003), NEHRP (1997), UBC (1997)). 
 
Equation 2-8 is derived for a wall that has lateral loads applied to the right, as shown in 
Figure 2.2.  If the lateral loads are applied to the left, Equation 2-8 is valid as long as T1 
and T3 are interchanged, eNi is measured positive from the wall centerline toward the left 
edge of the wall, and Mdec is measured positive in the counter-clockwise direction. 
 
2.4.2 Roof Drift at Decompression, Θdec. 
To estimate the roof drift at the decompression state, Θdec, an elastic analysis of the wall 
subjected to the forces shown in Figure 2.3 (with Vw = Vdec) is performed, treating the 
base as fixed.  The elastic analysis of the wall is conducted using the uncracked elastic 
section properties of the wall.  The roof displacement at the decompression state, ∆dec 
considering bending and shear deformations is given by:   
decPrdecNrdecSrdecFrdec ,,,, ∆∆∆∆∆ +++=          (2-10) 
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rNrrN NeM ⋅=,  (Equation 2-5) 
iTT 11 =  
iTT 22 =  
and iTT 33 =  
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∆Fr,dec is the elastic roof deflection of the wall in flexure due to lateral loads at the 
decompression state (i.e., DEC).  ∆Fr,dec is obtained using the principle of superposition 
(i.e., successively applying a concentrated lateral load, rFi·Vdec, along the height of the 
wall and adding the corresponding roof deflections).  The roof deflection of the wall due 
to elastic shear deformations at DEC, similarly obtained using the principle of 
superposition, is denoted as ∆Sr,dec.  ∆Nr,dec is the elastic roof deflection of the wall in 
flexure due to the eccentric gravity loads at DEC.  As noted earlier, MN,i represents a 
concentrated wall moment (measured positive in the clockwise direction) at each floor 
level i which accounts for the eccentric gravity load at each floor level.  Similarly, MNr 
represents a concentrated wall moment (measured positive in the clockwise direction) at 
the roof level which accounts for the eccentric gravity load at the roof level.  It is 
important to note that MNi is not factored out of the summation term in Equation 2-10 and 
replaced by MN using Equation 2-7, because doing so would result in lumping the total 
moment due to eccentric gravity loads from all floor levels, MN at each floor level. 
 
In Equation 2-10, ∆Pr,dec is the elastic roof deflection of the wall caused by the application 
of different initial prestress forces in the left PT steel group and the right PT steel group, 
denoted by T1i and T3i, respectively at DEC.  The moment produced by the unbalanced 
prestress forces is applied to the wall as a concentrated moment (measured positive in the 
clockwise direction) at the roof level because, since the PT steel is unbonded over the 
entire height of the wall, the wall is subjected to a constant moment over its entire height. 
 
Vdec in Equation 2-10 is obtained from Equation 2-8.  Gc is the shear modulus of concrete, 
wA′  is the effective shear area of the wall, Ec is the elastic modulus of concrete, and Iw is 
the moment of inertia of the uncracked section of the wall. 
 
Equation 2-10 is derived for a wall that has lateral loads applied to the right, as shown in 
Figure 2.2.  If the lateral loads are applied to the left, Equation 2-10 is valid as long as T1 
and T3 are interchanged, eNi is measured positive from the wall centerline toward the left 
edge of the wall, MNi and MNr are both measured positive in the counter-clockwise 
direction, and the concentrated wall moment produced by unbalanced prestress forces is 
measured positive in the counter-clockwise direction. 
The roof drift at the decompression state, Θdec is calculated as: 
w
dec
dec H
∆
Θ =              (2-11) 
where ∆dec is calculated from Equation 2-10. 
 
2.4.3 Base Shear at the Effective Linear Limit State, Vell 
Softening in an unbonded post-tensioned wall occurs due to gap opening along the 
horizontal joint at the base of the wall or from nonlinear behavior of the concrete in 
compression.  Figures 2.7 and 2.8 show the forces acting at the base of the wall at the 
effective linear limit state due to softening and gap opening, respectively.  The approach 
used by El-Sheikh et al. (1997) for unbonded post-tensioned precast concrete frames is 
used in this research to define the base shear at the effective linear limit state, Vell.  Vell is 
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defined as the smaller of two values; the first value accounts for softening due to 
nonlinear behavior of concrete in compression and the second value accounts for gap 
opening along the horizontal joint at the base of the wall.  The first value is selected as 
the capacity of the wall treating the concrete at the base of the wall as unconfined and 
neglecting the PT steel elongation.  As noted by El-Sheikh et al. (1997), the resulting 
value is conservative, since the added concrete strength provided by the confining 
reinforcement and the increase in stress in the PT steel are neglected.  Thus, summing 
moments about point O in Figure 2.7 gives the following expression for the first value of 
base shear at the effective linear limit state, Vell-1: 
( )
( )∑
=
− ⋅


−−

 −+++

 +
=
ri
FiHiw
Np
ww
p
w
ell rrH
aCMelTlNTelT
V
,1
321
1
2222           (2-12) 
where 
∑
=
=
,ri
iNN
1
  (Equation 2-6) 
∑
=
=
,ri
iNN MM
1
,  (Equation 2-7) 
NTTTC +++= 321  
iTT 11 =  
iTT 22 =  
iTT 33 =  
and 
wc tf
Ca ⋅′= 85.0 . 
T1i, T2i, and T3i in Equation 2-12 represent the initial prestress force in each PT steel 
group.  N represents the total gravity load supported by the wall at the base and MN is the 
total overturning moment (measured positive in the clockwise direction) due to eccentric 
gravity loads.  C represents the compression resultant at the base of the wall which is in 
equilibrium with N, T1, T2, and T3.  The term a corresponds to the depth of the equivalent 
compression stress block as shown in Figure 2.7.  cf ′  is the unconfined concrete 
compressive strength and tw is the thickness of the wall.   
 
The term in the denominator of Equation 2-12 is derived in the same way as the term in 
the denominator of Equation 2-8 is derived.  First, the lateral force on the wall at each 
floor level, Fw,i is expressed as a fraction of the total base shear of the wall, Vw (see 
Figure 2.2) using Equation 2-2 with Vw = Vell-1.  Similarly, the lateral force on the wall at 
the roof level is expressed as a fraction of the total base shear of the wall using Equation 
2-3 with Vw = Vell-1.  The height of each floor level and the height of the roof level, 
measured from the base of the wall, are expressed as a fraction of the total wall height, 
Hw using Equation 2-1, where i = 1 to r and rHr = 1.  Summing moments about point O in 
Figure 2.2, the overturning moment caused by the applied lateral loads (measured 
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positive in the clockwise direction) that is in equilibrium with the numerator in Equation 
2-12 is given by: ( ) ( )∑
=
−− ⋅⋅⋅=
ri
ellFiwHiell VrHrM
,1
11                   (2-13) 
From equilibrium, Equation 2-13 is equal to the numerator in Equation 2-12.  Thus, 
factoring Vel1-l from Equation 2-13 and dividing through by the summation term yields 
Equation 2-12.  The values rFi and rFr in Equations 2-12 and 2-13 are determined from 
the vertical distribution of seismic forces in accordance with an applicable building code 
(e.g., IBC-2003, ASCE 7-02 (2003), NEHRP (1997), UBC (1997)). 
 
Equation 2-12 is derived for a wall that has lateral loads applied to the right, as shown in 
Figure 2.2.  If the lateral loads are applied to the left, Equation 2-12 is valid as long as T1 
and T3 are interchanged, eNi is measured positive from the wall centerline toward the left 
edge of the wall, and Mell-1 is measured positive in the counter-clockwise direction. 
 
The second value of base shear at the effective linear limit accounts for gap opening 
along the horizontal joint at the base of the wall.  According to Priestley and Tao (1993), 
the initial stiffness of a typical unbonded precast, prestressed concrete element will not 
change significantly until the gap at the joint has propagated at least to the centroidal axis 
of the element, unless the average initial stress in the concrete element due to 
prestressing, fci,p is greater than cf ′25.0 .  Figure 2.8(a) shows the stress condition at the 
base of the wall when the gap at the base has propagated to the centroidal axis (i.e., the 
centerline) of the wall.  Assuming that the concrete remains linear-elastic and that plane 
sections remain plane, it can be shown that an overturning moment due to lateral loads 
equal to 2Mdec is required for the gap at the base of the wall to reach the wall centerline 
(Kurama et al. 1996).  Figure 2.8(b) shows the limiting case where the compression stress 
resultant at the base of the wall reaches the extreme compression edge of the wall.  An 
overturning moment equal to 3Mdec is required in this case (Kurama et al. 1996).  El-
Sheikh et al. (1997) and Kurama et al. (1997) consider the effective linear limit moment 
due to gap opening as equal to 2.5Mdec, based on results from fiber-based analytical 
models.  In the present study, the effective linear limit moment due to gap opening is also 
taken equal to 2.5Mdec.  The corresponding stress distribution is shown in Figure 2.8(c).  
Thus, the second value of base shear at the effective linear limit state, Vell-2 is: 
decell VV 5.22 =−      (2-14) 
Referring to Figure 2.8(c), when the overturning moment due to lateral loads reaches 
2.5Mdec (i.e., when Equation 2-14 is satisfied), the gap at the wall base has propagated to 
0.75 of the wall length. 
 
In summary, the base shear corresponding to the effective linear limit, Vell is given by: 



=
−
−
2
1min
ell
ell
ell V
VV                   (2-15) 
where Vell-1 and Vell-2 are given by Equations 2-12 and 2-14, respectively.  The upper limit 
on Vell is given by Vell-2.  Therefore, at the effective linear limit state, the upper limit on 
the gap opening length along the base of the wall is 0.75·lw. 
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2.4.4 Roof Drift at the Effective Linear Limit State, Θell 
An expression for estimating the roof drift at the effective linear limit state, Θell is derived 
using the same approach used to estimate the roof drift at the decompression state, Θdec.  
That is, an elastic analysis of the wall subjected to the forces shown in Figure 2.3 (with 
Vw = Vell) is performed, treating the base as fixed and using the uncracked elastic section 
properties of the wall.  The roof displacement at the effective linear limit state, ∆ell 
considering bending and shear deformations is given by:   
ellPrellNrellSrellFrell ,,,, ∆∆∆∆∆ +++=     (2-16) 
where 
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rrHrVr
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rrHHrM
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1)(1∆  
( )
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wp
ellPr IE
HTTe
⋅
⋅−=
2
2
13
,∆  
iNiiN NeM ⋅=,  (Equation 2-4) 
rNrrN NeM ⋅=,  (Equation 2-5) 
iTT 11 =  
iTT 22 =  
and iTT 33 = . 
∆Fr,ell is the elastic roof deflection of the wall in flexure due to lateral loads at the 
effective linear limit state (i.e., ELL). The roof deflection of the wall due to elastic shear 
deformation at ELL is denoted as ∆Sr,ell.  ∆Nr,ell is the elastic roof deflection of the wall in 
flexure due to the eccentric gravity loads at ELL.  Lastly, ∆Pr,ell is the elastic roof 
deflection of the wall caused by the application of different initial prestress forces in the 
left PT steel group and the right PT steel group, denoted by T1i and T3i, respectively at 
ELL.  All other variables were previously defined in Section 2.4.2.   
 
Comparing Equations 2-10 and 2-16, it is seen that the two equations are the same, 
except that Vdec is used in Equation 2-10 while Vell is used in Equation 2-16 (note that 
∆Nr,dec = ∆Nr,ell and ∆Pr,dec = ∆Pr,ell).  This means that ∆ell is calculated without considering 
gap opening behavior along the horizontal joint at the wall base (recall that the base of 
the wall is treated as fixed and that uncracked section properties of the wall are used in 
the derivation of ∆dec and ∆ell).  However, Vell is based on gap opening in flexure along 
the base of the wall (recall that the upper limit on the gap opening length is taken as 
0.75·lw).  This results in the initial lateral stiffness of the wall being constant until ELL is 
reached.  That is, the effect of gap opening on the lateral displacement of the wall is 
neglected until ELL is reached.  This result is appropriate because, as noted earlier, the 
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initial stiffness of a typical unbonded precast, prestressed concrete element will not 
change significantly until the gap at the joint has propagated at least to the centroidal axis 
of the element (Priestley and Tao 1993).  Therefore, the roof drift at the effective linear 
limit state, Θell is estimated by: 
w
ell
ell H
∆
Θ =              (2-17) 
where ∆ell is calculated from Equation 2-16. 
 
2.4.5 Base Shear at Yielding of Post-Tensioning Steel, Vllp 
The base shear corresponding to yielding of the PT steel, Vllp is derived using the 
approach considered by El-Sheikh et al. (1997) for unbonded post-tensioned precast 
concrete frames, which is similar to the approach used by MacRae and Priestley (1994).  
Figure 2.9 shows the strain and stress conditions at the base of the wall when yielding of 
the PT steel occurs (i.e., at LLP).  Referring to Figure 2.9, the following five assumptions 
are made in deriving Vllp.  First, plane sections are assumed to remain plane in the 
concrete only (recall that, due to unbonding, the strain in the PT steel is not equal to the 
strain in the surrounding concrete).  Second, the cover concrete is assumed to be spalled 
and is ignored.  Third, the wall is assumed to be under-reinforced.  Fourth, Vllp is 
computed using equivalent stress block parameters for confined concrete, α and β, 
corresponding to the ultimate strain capacity of the confined concrete, εcu (i.e., α = 0.9 
and β = 1.0 as given by Paulay and Priestley 1992).  Fifth, the wall is assumed to pivot 
about the neutral axis (NA) location. 
 
As shown in Figure 2.9, after the gap opens along the horizontal joint at the base of the 
wall, the three PT steel groups will have different forces.  PT steel group 1, located 
furthest from the compression edge (corresponding to T1 in Figure 2.9) will yield first.  
Since the PT steel is unbonded from the wall, strain compatibility between the PT steel 
and the surrounding concrete does not exist.  Therefore, identifying the location of the 
NA from the strain distribution shown in Figure 2.9 is not appropriate.  Instead, an 
iterative approach (based on El-Sheikh et al. (1997)) is proposed to define the NA 
location and subsequently calculate Vllp.  Referring to Figure 2.9, the iterative approach 
consists of the following steps: 
 
1. Calculate the equivalent confined concrete stress block length, a ′′ as: 
wcc tf
NTTT
a ′′⋅′⋅
+++=′′ α
321            (2-18) 
where 
∑
=
=
,ri
iNN
1
  (Equation 2-6) 
9.0=α  
11 ppy AfT ⋅=  
22 ppy AfT ⋅=  
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and 33 ppy AfT ⋅= . 
Equation 2-18 is derived from the vertical equilibrium condition at the base of the wall at 
LLP (see Figure 2.9), where C is expressed using an equivalent stress block with 
magnitude ccf ′⋅α  acting over an area wta ′′⋅′′ .  The term ccf ′  represents the confined 
concrete compression strength, which can be obtained from experiments or from 
analytical confined concrete stress-strain relationships (e.g., Mander et al. 1988a, Bazant 
and Bhat 1976, Kent and Park 1971, Sheikh and Uzumeri 1980, and Vallenas et al. 1977).  
As shown in Figure 2.9, a ′′ and wt ′′  ignore the concrete cover and are measured from the 
centerline of the confining reinforcement.  In Equation 2-18, Ap1, Ap2, and Ap3 represent 
the area of PT steel in PT steel groups 1, 2, and 3, respectively. fpy represents the yield 
stress of the PT steel.  The three groups of PT steel are initially assumed to be yielded in 
order to start the iteration process.  The forces in PT steel groups 2 and 3 are adjusted by 
the iteration process, as shown below. 
 
2. Identify the location of the NA by calculating the post-spalling contact length at the 
base, c ′′ , which excludes the thickness of the spalled cover, as shown in Figure 2.9: 
β
ac
′′=′′            (2-19) 
 where β = 1.0 
 
3. Define the location of each PT steel group from the NA location: 
p
w ec
l
l +′′−′′=
21
             (2-20a) 
c
l
l w ′′−′′=
22
           (2-20b) 
p
w ec
l
l −′′−′′=
23
             (2-20c) 
 
4. Calculate the gap opening width at the location of PT steel group 1, 1v∆  when the gap 
at the base of the wall has caused the PT steel in group 1 to yield: ( )
unb
p
ippy
v HE
ff
∆ ⋅−= 11           (2-21) 
where fp1i represents the initial stress in the PT steel in group 1.  Ep is the modulus of 
elasticity of the PT steel, and Hunb is the unbonded height of the PT steel.  In Equation 
2-21, ∆v1 is expressed as the product of Hunb and the change in strain in the PT steel. 
 
5. Calculate the strain in the PT steel in each group (εp1, εp2, and εp3) when the gap at the 
base of the wall has caused the PT steel in group 1 to yield: 
p
py
p E
f=1ε             (2-22a) 
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where fp2i and fp3i represent the initial stresses in the PT steel in groups 2 and 3, 
respectively.  l1, l2, and l3 are calculated from Equations 2-20a, 2-20b, and 2-20c, 
respectively.  In Equations 2-22b and 2-22c, εp2 and εp3 are expressed (for PT steel 
groups 2 and 3, respectively) as the sum of the initial strain in the PT steel due to 
prestressing, plus the change in strain in the PT steel due to gap opening at the base of 
the wall.  The gap opening width at the location of PT steel groups 2 and 3 are 
determined from similar triangles, using ∆v1, l1, l2, and l3. 
 
6. Calculate the force in the PT steel in each group (T1, T2, and T3): 
1111 ppyppp AfAET ⋅=⋅⋅= ε             (2-23a) 
222 ppp AET ⋅⋅= ε                 (2-23b) 
333 ppp AET ⋅⋅= ε                 (2-23c) 
where Ap1, Ap2, and Ap3 represent the area of PT steel in groups 1, 2, and 3, 
respectively.  εp1, εp2, and εp3 are computed from Equations 2-22a, 2-22b, and 2-22c, 
respectively. 
 
7. Assume that the location of the NA (defined by c ′′ ) is unknown.  From vertical 
equilibrium at the base of the wall, calculate a new NA location, newc ′′ : 
wcc
new tf
NTTT
c ′′⋅⋅′⋅
+++=′′ βα
321            (2-24) 
where T1, T2, and T3 are calculated from Equations 2-23a, 2-23b, and 2-23c, 
respectively. 
 
8. Repeat steps 3 through 7 until newc ′′  converges.  Typically, two or three cycles of 
iteration are required for newc ′′  to converge.  The value of newc ′′  at the end of the 
iteration procedure is defined as llpc ′′ . 
 
Summing moments about the compression resultant in Figure 2.9, the base shear at 
yielding of the PT steel, Vllp is calculated as: 
( )
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=
⋅
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
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332211 222
βββ
        (2-25) 
where llpc ′′  is obtained from iteration, 
0.1=β  
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pllp
w ec
l
l +′′−′′=
21
 (Equation 2-20a) 
llp
w c
l
l ′′−′′=
22
  (Equation 2-20b) 
pllp
w ec
l
l −′′−′′=
23
 (Equation 2-20c) 
11 ppy AfT ⋅=   (Equation 2-23a) 
222 ppp AET ⋅⋅= ε  (Equation 2-23b) 
and 333 ppp AET ⋅⋅= ε  (Equation 2-23c). 
 
The term in the denominator of Equation 2-25 is derived for LLP in the same way as the 
terms in the denominators of Equations 2-8 and 2-12 are derived for DEC and ELL, 
respectively.  First, the lateral force on the wall at each floor level, Fw,i is expressed as a 
fraction of the total base shear of the wall, Vw (see Figure 2.2) using Equation 2-2 with Vw 
= Vllp.  Similarly, the lateral force on the wall at the roof level is expressed as a fraction of 
the total base shear of the wall using Equation 2-3 with Vw = Vllp.  The height of each 
floor level and the height of the roof level, measured from the base of the wall, are 
expressed as a fraction of the total wall height, Hw using Equation 2-1, where i = 1 to r 
and rHr = 1.  Summing moments about point O in Figure 2.2 (or by the location of the 
compression stress resultant at the base of the wall), the overturning moment caused by 
the applied lateral loads (measured positive in the clockwise direction) that is in 
equilibrium with the numerator in Equation 2-25 is given by: ( ) ( )∑
=
⋅⋅⋅=
ri
llpFiwHillp VrHrM
,1
                  (2-26) 
From equilibrium, Equation 2-26 is equal to the numerator in Equation 2-25.  Thus, 
factoring Vllp from Equation 2-26 and dividing through by the summation term yields 
Equation 2-25.  The values rFi and rFr in Equations 2-25 and 2-26 are determined from 
the vertical distribution of seismic forces in accordance with an applicable building code 
(e.g., IBC-2003, ASCE 7-02 (2003), NEHRP (1997), UBC (1997)). 
Equation 2-25 is derived for a wall that has lateral loads applied to the right, as shown in 
Figure 2.2.  If the lateral loads are applied to the left, Equation 2-25 is valid as long as T1 
and T3 are interchanged, eNi is measured positive from the wall centerline toward the left 
edge of the wall, and Mllp is measured positive in the counter-clockwise direction. 
 
2.4.6 Roof Drift at Yielding of Post-Tensioning Steel, Θllp 
To estimate the roof drift corresponding to yielding of the PT steel, Θllp, the wall is 
assumed to pivot about the NA location, llpc ′′  (see Figure 2.9).  Θllp is computed by 
considering two components of lateral roof deflection; roof deflection due to rigid-body 
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rotation from gap opening behavior at the base, ∆go; and elastic roof deflection due to 
lateral loads at LLP, ∆llp,el.  ∆go is computed as: 
wllpgo H∆ ⋅= θ      (2-27) 
where θllp represents the angle of rotation at the base of the wall due to gap opening, 
computed as 11 l∆v  using Equations 2-21 and 2-20a. 
 
∆llp,el is computed as: 
llpPrllpNrllpSrllpFrelllp ,,,,, ∆∆∆∆∆ +++=           (2-28) 
where 
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iNiiN NeM ⋅=,  (Equation 2-4) 
rNrrN NeM ⋅=,  (Equation 2-5) 
11 ppy AfT ⋅=   (Equation 2-23a) 
222 ppp AET ⋅⋅= ε  (Equation 2-23b) 
and 333 ppp AET ⋅⋅= ε  (Equation 2-23c). 
∆Fr,llp is the elastic roof deflection of the wall in flexure due to lateral loads at LLP. The 
roof deflection of the wall due to elastic shear deformations at LLP is denoted as ∆Sr,llp.  
∆Nr,llp is the elastic roof deflection of the wall in flexure due to the eccentric gravity loads 
at LLP.  Lastly, ∆Pr,llp is the elastic roof deflection of the wall caused by different forces 
in PT steel groups 1 and 3 at LLP, denoted by T1 and T3, respectively.  All other variables 
were previously defined in Sections 2.4.2 and 2.4.5. 
 
Therefore, the lateral deflection at the roof at LLP, ∆llp is estimated as: 
elllpgollp ∆∆∆ ,+=        (2-29) 
where ∆go and ∆llp,el are computed using Equations 2-27 and 2-28, respectively.  The roof 
drift corresponding to yielding of the PT steel (LLP), Θllp is given by: 
w
llp
llp H
∆
Θ =               (2-30) 
where ∆llp is computed from Equation 2-29. 
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2.4.7 Base Shear at Crushing of Confined Concrete, Vccc 
Neglecting strain hardening in the PT steel, the base shear resistance remains constant 
between the point corresponding to yielding of the PT steel (i.e., LLP in Figure 2.4) and 
the point corresponding to crushing of the confined concrete (i.e., CCC in Figure 2.4).  
That is, Vccc is equal to Vllp.  Comparing the stresses in the contact zone at the base of the 
wall at the two states, small differences appear in the PT steel forces (T1, T2, and T3 in 
Figure 2.9) and in the lever-arms between the compression and tension resultants (e.g., 
see Equation 2-25).  Beyond LLP, a slight increase in PT steel forces compensates a 
slight decrease in the lever-arms between the compression and tension resultants when 
calculating the moment resistance at the base of the wall.  Therefore, the moment at CCC, 
Mccc is equal to the moment at LLP, Mllp (and thus Vccc is equal to Vllp). 
 
2.4.8 Roof Drift at Crushing of Confined Concrete, Θccc 
The main factors that affect the roof drift at crushing of the confined concrete, Θccc are 
the ultimate confined concrete strain, εcu at the extreme compression edge of the wall, and 
the critical confined concrete crushing height, Hcr, measured from the wall base.  
Assuming that plane sections remain plane, the curvature at CCC, φccc can be calculated 
from the strain distribution shown in Figure 2.9 as: 
ccc
cu
ccc c ′′=
εφ            (2-31) 
where llpccc cc ′′=′′ , which is obtained from iteration (i.e., Step 8 of Section 2.4.5 using 
Equation 2-24) and εcu is obtained from experiments or from analytical confined concrete 
stress-strain relationships (e.g., Mander et al. 1988a, Bazant and Bhat 1976, Kent and 
Park 1971, Sheikh and Uzumeri 1980, and Vallenas et al. 1977). 
 
At CCC, it is assumed that the curvature, φccc is constant over the critical confined 
concrete crushing height, Hcr.  Thus, the rigid-body rotation at the base of the wall due to 
confined concrete crushing, θccc can be expressed as: 
crcccccc H⋅= φθ     (2-32) 
where φccc is given by Equation 2-31.  According to El-Sheikh et al. (1997), Hcr can be 
determined as follows: 
wcr tH ′′=        if   atw ′′<′′ 2    (2-33a) 
or       aH cr ′′= 2      if   atw ′′>′′ 2                         (2-33b) 
where 
llpllp caa ′′⋅=′′=′′ β  
0.1=β  
and llpc ′′  is obtained from iteration (i.e., Step 8 of Section 2.4.5 using Equation 2-24).  The 
term a ′′ represents the equivalent confined concrete stress block length, as shown in 
Figure 2.9 which, for the current limit state (i.e., CCC) is taken as the stress block length 
corresponding to LLP, llpa ′′ .  As shown in Figure 2.9, llpa ′′  and wt ′′  are taken from the 
centerline of the confining reinforcement. 
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The lateral displacement at the roof at CCC, ∆ccc is estimated as: ( ) elcccwcccccc ∆H∆ ,+⋅= θ        (2-34) 
The first term in Equation 2-34 represents the lateral displacement at the roof due to 
rigid-body rotation at the base of the wall when confined concrete crushes, θccc.  θccc is 
calculated using Equation 2-32.  The second term in Equation 2-34 (i.e., ∆ccc,el) represents 
the elastic lateral deflection at the roof at CCC, neglecting elastic deformations within the 
critical confined concrete crushing height, Hcr.  ∆ccc,el is computed as: 
cccPrcccNrcccSrcccFrelccc ,,,,, ∆∆∆∆∆ +++=           (2-35) 
where 
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rNrrN NeM ⋅=,  (Equation 2-5) 
11 ppy AfT ⋅=   (Equation 2-23a) 
222 ppp AET ⋅⋅= ε  (Equation 2-23b) 
and 333 ppp AET ⋅⋅= ε  (Equation 2-23c). 
Hcr is calculated using Equation 2-33a or 2-23b.  ∆Fr,ccc is the elastic roof deflection of the 
wall in flexure due to lateral loads at CCC (neglecting elastic deflections within Hcr). The 
roof deflection of the wall due to elastic shear deformations at CCC (neglecting elastic 
deflections within Hcr) is denoted as ∆Sr,ccc.  ∆Nr,ccc is the elastic roof deflection of the wall 
in flexure due to the eccentric gravity loads at CCC (neglecting elastic deflections within 
Hcr).  Lastly, ∆Pr,ccc is the elastic roof deflection of the wall caused by different forces in 
PT steel groups 1 and 3 at CCC (neglecting elastic deflections within Hcr), denoted by T1 
and T3, respectively.  All other variables were previously defined in Sections 2.4.2 and 
2.4.5. 
 
The roof drift corresponding to crushing of the confined concrete (CCC), Θccc is 
computed as: 
w
ccc
ccc H
∆
Θ =               (2-36) 
where ∆ccc is computed From Equation 2-34. 
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2.4.9 Roof Drift at Fracture of Post-Tensioning Steel, Θfp 
Fracture of the PT steel occurs when the PT steel toward the tension edge of the wall (i.e., 
PT steel group 1, represented by T1 in Figure 2.2) reaches its tensile strain capacity, εpu.  
The roof drift at fracture of the PT steel, Θfp, is estimated by assuming that the wall 
pivots about the NA location, c ′′ (see Figure 2.9), which is denoted as fpc ′′  for the current 
limit state.  The NA location, fpc ′′  is determined using the iterative procedure described in 
Section 2.4.5, with the following distinctions: 
 
In Step 1 (i.e., Equation 2-18), let 11 ppu AfT ⋅= , where fpu is the tensile strength of the PT 
steel. 
 
In Step 4, replace Equation 2-21 with: 
unb
p
ip
puv HE
f
∆ ⋅


 −= 11 ε             (2-37) 
In Step 5, replace Equation 2-22a with: 
pup εε =1             (2-38) 
In Step 6, replace Equation 2-23a with: 
ppu AfT ⋅=1               (2-39) 
Equations 2-23b and 2-23c are only valid if εp2 and εp3, respectively, are less than or 
equal to the yield strain of the PT steel, εpy.  If εp2 is greater than εpy, then Equation 2-23b 
does not apply and T2 is calculated using the post-yield stress-strain behavior of the PT 
steel.  Similarly, if εp3 is greater than εpy, then Equation 2-23c does not apply and T3 is 
calculated using the post-yield stress-strain behavior of the PT steel. 
 
In Step 8, the value of newc ′′  at the end of the iteration procedure is defined as fpc ′′ . 
 
Once the NA location, fpc ′′  is determined, the roof drift at fracture of the PT steel, Θfp is 
taken equal to the angle of rotation at the base of the wall due to gap opening at fracture 
of the PT steel, θfp.  Thus, referring to Figure 2.9, Θfp is estimated as: 
1
1
l
∆
Θ vfpfp == θ             (2-40) 
where ∆v1 is computed using Equation 2-37 in the iterative procedure and l1 is given by 
Equation 2-20a.  Equation 2-40 neglects the contribution of elastic deformations to Θfp, 
which results in a conservative estimate of Θfp. 
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Figure 2.1. Lateral load deflected shape of an unbonded
                  post-tensioned precast wall.
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Figure 2.2. Forces on an unbonded post-tensioned precast wall.
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Figure 2.3. Forces on an unbonded post-tensioned precast wall with
                  N  replaced by equivalent force and moment.i
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 CHAPTER 3 
 
SEISMIC DESIGN OF BUILDINGS WITH UNBONDED  
POST-TENSIONED PRECAST CONCRETE WALLS 
 
This chapter discusses the seismic design of buildings with unbonded post-tensioned 
precast concrete walls as the primary lateral load resisting system.  The seismic design 
approach discussed in this chapter is based on the proposed approach presented by 
Kurama et al. (1996, 1997, 1999a, 1999b) and is presented here for completeness.  
Section 3.1 presents an overview of the proposed design approach.  The design criteria 
used to control the axial-flexural behavior of a wall are presented in Section 3.2.  Section 
3.3 discusses the estimation of design capacities and Section 3.4 discusses the estimation 
of design demands.  Lastly, Section 3.5 summarizes the equations used to estimate the 
capacity and demand for each design criterion of the seismic design approach. 
 
3.1 OVERVIEW 
The design approach for unbonded post-tensioned precast concrete walls was first 
proposed by Kurama et al. (1996, 1997, 1999a, 1999b).  The proposed design approach is 
a performance-based design approach which allows the designer to specify and predict 
the performance (degree of damage) of a building for a specified level of ground motion 
intensity.  The performance-based design requires identifying performance (damage) 
levels, structure limit states and capacities, seismic demand levels, structure demands, 
and establishing design objectives and design criteria. 
 
3.1.1 Performance Levels 
The design approach considers two performance levels that are defined in terms of the 
maximum damage expected in various structural and non-structural elements during a 
ground motion.  The performance levels, as per FEMA-273 (1997), are: (1) the 
immediate occupancy performance level, and (2) the collapse prevention performance 
level.  The immediate occupancy performance level refers to a post-earthquake state in 
which limited structural and non-structural damage occurs.  The structure responds to the 
ground motion in an essentially elastic manner with limited cracking and yielding of 
structural members.  The collapse prevention performance level refers to a post-
earthquake damage state where the structure sustains considerable damage and is on the 
verge of partial or total collapse, but does not collapse. 
 
3.1.2 Structure Limit States and Capacities 
The structure limit states and capacities describe the damage in various structural and 
non-structural elements of a building.  Structure limit states and capacities include limit 
states and capacities for unbonded post-tensioned precast concrete walls, gravity load 
resisting frames, and non-structural elements.  The limit states for unbonded post-
tensioned precast concrete walls were discussed earlier in Section 2.3.  The limit state for 
the gravity load resisting frames is significant loss of gravity load resistance.  Kurama et 
al. (1999a) assume that gravity load resisting frames can be designed to sustain a roof 
drift of 2.5% without failure.  The same assumption is made in the present study. 
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The limit states for non-structural elements are: (1) initiation of damage to the non-
structural elements; and (2) damage to basic access and life safety systems.  Damage to 
non-structural elements occurs when the story drift (i.e., relative displacement between 
adjacent floors) exceeds a certain level.  In this research, the story drift is expressed as a 
percentage of the story height (i.e., relative displacement between floors divided by the 
story height).  Freeman (1977) indicates that damage to non-structural elements initiates 
at a story drift of 0.25%, while damage requiring repair occurs at a story drift of 0.5% to 
1%.  The 2003 International Building Code, referred to as IBC-2003, and ASCE 7-02 
(2003) include a limit on interstory drift to maintain the basic access and life safety 
systems operable during and after a ground motion.  For building structures, the limit on 
interstory drift is 2.0%.  In the present study, the IBC-2003 and ASCE 7-02 (2003) 
specified limit on story drift of 2.0% is adopted. 
 
3.1.3 Relationship Between Performance Levels and Structure Limit States 
The performance levels and the structure limit states are related using the idealized lateral 
load response shown in Figure 3.1.  The immediate occupancy performance level is 
reached when yielding of the PT steel occurs (at a roof drift of Θllp).  Thus, if the drift 
response to an earthquake exceeds Θllp, the resulting structural and non-structural damage 
will likely require repair before the building can be occupied.  The collapse prevention 
performance level is reached when crushing of the confined concrete occurs (at a roof 
drift of Θccc).  Thus, if the drift response to an earthquake exceeds Θccc, partial or total 
collapse of the building is likely. 
 
3.1.4 Seismic Demand Levels 
Seismic demand levels are generally defined in terms of ground motion levels with 
selected return periods for a given site.  The proposed design approach considers two 
levels of ground motion: (1) a design level ground motion; and (2) a maximum 
considered ground motion.  The maximum considered ground motion, defined in the 
IBC-2003 provisions, has a 2% probability of exceedance in 50 years (corresponding 
approximately to a 2500-year return period).  The design level ground motion is the same 
as the IBC-2003 design earthquake ground motion, which has a ground shaking intensity 
that is 2/3 of the maximum considered earthquake ground motion. 
 
3.1.5 Structure Demands 
Structure demands quantify roof drift, story drift, and base shear demands for the two 
seismic demand levels identified above.  For buildings with unbonded post-tensioned 
precast walls as the primary lateral load resisting system, the structure base shear 
demands are established in terms of the wall base shear demands.  For the design level 
ground motion, the demands include the wall design base shear demand, Vd, the wall 
maximum roof drift demand, Θd, and the maximum story drift demand, δd.  For the 
maximum considered ground motion, the demands are the maximum roof drift demand, 
Θm and the maximum wall base shear demand, Vmax.  Estimation of the structure demands 
is described in Section 3.4. 
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3.1.6 Design Objectives 
Performance-based design requires design objectives to relate the expected performance 
levels to the seismic demand levels described above.  The proposed design approach for 
buildings with unbonded post-tensioned precast walls has two objectives: (1) to not 
exceed the immediate occupancy performance level under the design level ground 
motion; and (2) to not exceed the collapse prevention performance level under the 
maximum considered ground motion.  These objectives are illustrated in Figure 3.2. 
 
3.1.7 Required Performance Under the Design Level Ground Motion 
The required performance of an unbonded post-tensioned precast wall under the design 
level ground motion is as follows (see Figures 3.1 and 3.2): (1) the wall responds in a 
nonlinear-elastic manner, with the nonlinear response primarily due to gap opening along 
the horizontal joint at the base of the wall, and partially from nonlinear behavior of the 
concrete in compression; (2) the PT steel remains linear-elastic; (3) the wall panels 
remain nearly linear-elastic with minimal cracking, but with spalling of cover concrete 
near the base at the compression edge of the wall; (4) due to post-tensioning, the wall has 
a self-centering capability resulting in a residual drift within tolerance of original 
construction; (5) shear slip of the panels along the horizontal joints does not occur; and 
(6) the resistance of the wall to gravity and lateral loads does not deteriorate.  Since the 
immediate occupancy performance level is reached when yielding of the PT steel occurs 
(at Θllp), the first objective is achieved if Θllp is not exceeded under the design level 
ground motion (Figure 3.2). 
 
3.1.8 Required Performance Under the Maximum Considered Ground Motion 
The required performance of an unbonded post-tensioned precast wall under the 
maximum considered ground motion is as follows (see Figures 3.1 and 3.2): (1) axial-
flexural compression failure of the wall does not occur; (2) the PT steel yields, but the 
post-yield nonlinear strains in the steel do not reach the fracture strain because the steel is 
unbonded; (3) some loss of prestress occurs upon load reversal as a result of inelastic 
straining in the PT steel; (4) upon reloading, the lateral stiffness of the wall deteriorates 
due to some loss of prestress, but the base shear capacity is maintained because the force 
in the PT steel on the tension side of the wall (despite having lost some prestress) will 
still reach its yield force; (5) due to the remaining prestress forces, the wall has a self-
centering capability resulting in a residual drift within tolerance of original construction; 
and (6) shear slip along the horizontal joints does not occur.  Since the collapse 
prevention performance level is reached when axial-flexural compression failure of the 
wall (i.e., crushing of the confined concrete) occurs (at Θccc), the second objective is 
achieved if Θccc is not exceeded under the maximum considered ground motion (Figure 
3.2). 
 
3.2 SEISMIC DESIGN CRITERIA 
Performance based design requires seismic design criteria to compare structure capacities 
with structure demands.  The design objectives discussed above are satisfied if the 
structure capacities exceed the structure demands.  Thus, the design criteria used to 
control the axial-flexural behavior of unbonded post-tensioned precast walls are 
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presented in this section.  The estimation of design capacities and of design demands is 
covered in subsequent sections. 
 
3.2.1 Criterion 1: Softening 
This design criterion, which controls softening of an unbonded post-tensioned precast 
wall under lateral load, prevents a premature reduction in the lateral stiffness of the wall.  
Accordingly, the base shear corresponding to the effective linear limit state, Vell should 
not be less than the base shear at which softening is acceptable, which can be related to 
the wall design base shear demand, Vd.  A factor, αd is applied to Vd to define the base 
shear at which softening of a wall is allowed to occur.  Thus,  
R
Q
VV ddddell αα =⋅≥     (3-1) 
In this study, Vd is determined using the equivalent lateral force procedure in the IBC-
2003 and ASCE 7-02 (2003) provisions and is equal to the linear-elastic base shear 
demand for the design level ground motion, Qd divided by a response modification 
coefficient, R, equal to 5.5 in accordance with IBC-2003 (Figure 3.3).  Kurama et al. 
(1999a, 1999b) define the softening criterion as given by Equation 3-1 with αd = 1.0.  
However, under the design level ground motion, a well-designed unbonded post-
tensioned precast wall will soften from gap opening along the horizontal joint at the base 
of the wall and not from yielding of the PT steel or from significant nonlinear behavior in 
the concrete.  Therefore, since the softening behavior of the wall does not cause any 
significant damage to the wall, except cover spalling near the base, early softening 
behavior (defined by αd < 1.0) does not threaten the structural integrity of the wall.  
Furthermore, dynamic analysis results from Kurama et al. (2002) show that a wall 
designed to soften early (i.e., Vell = 0.65 Vd) will not undergo significantly increased drift 
demands compared to a wall that softens at Vd (i.e., Vell = 1.0 Vd).  Therefore, a value 
between 0.65 and 1.0 is recommended for αd. 
 
3.2.2 Criterion 2: Base Moment Capacity 
This design criterion controls the base moment capacity (as governed by axial-flexural 
behavior) of the wall.  The structure demands specified in building codes (e.g., IBC-2003, 
ASCE 7-02 (2003), NEHRP (1997), and UBC (1997)), are quantified in terms of base 
shear under equivalent lateral forces.  Thus, the base moment capacity of the wall is 
quantified in terms of the base shear capacity of the wall (as governed by axial-flexural 
behavior).  The base shear capacity of an unbonded post-tensioned precast wall 
corresponds to the base shear at yielding of the PT steel (i.e., Vllp), as shown in Figure 
3.1.  According to this design criterion, Vllp should not be less than the wall design base 
shear demand, Vd.  A capacity reduction factor, Φf is applied to Vllp. Accordingly, 
R
Q
VV ddllpf =≥Φ            (3-2) 
If unbonded post-tensioned walls are treated as reinforced members subjected to axial 
compression with flexure, Φf can vary from 0.65 to 0.9 in accordance with the ACI 318 
Code (2002), depending on the net tensile strain in the extreme tension steel when the 
concrete in compression reaches its assumed strain limit of 0.003.  However, properly 
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designed unbonded post-tensioned walls are essentially flexural members, with 
substantial ductility.  As will be shown in Chapter 8, the flexural capacity can be 
accurately predicted and, therefore, a value of 0.9 may be appropriate for Φf.  In the 
present study, a value of 0.9 is used for Φf. 
 
3.2.3 Criterion 3: Yielding of Post-Tensioning Steel 
According to this design criterion, which controls yielding of the PT steel, the roof drift 
corresponding to yielding of the PT steel, Θllp should not be less than the roof drift 
demand for the design level ground motion, Θd (see Figure 3.3).  That is,  
dlpl ΘΘ ≥             (3-3) 
 
3.2.4 Criterion 4: Story Drift 
This design criterion controls the maximum story drift under the design level ground 
motion to control the lateral stiffness of the walls and to control damage to basic access 
and life safety systems.  According to this design criterion, the estimated maximum story 
drift demand for the design level ground motion, δd, should not exceed the allowable 
story drift, δall (which in the present study equals 2% based on the IBC-2003 provisions 
and ASCE 7-02 (2003)).  Thus, 
dall δδ ≥               (3-4) 
 
3.2.5 Criterion 5: Crushing of Confined Concrete 
According to this design criterion, which controls the axial-flexural compression failure 
of the walls, the roof drift capacity corresponding to crushing of confined concrete, Θccc 
should not be less than the roof drift demand for the maximum considered ground 
motion, Θm.  Thus, 
mccc ΘΘ ≥      (3-5) 
 
3.2.6 Criterion 6: Fracture of Post-Tensioning Steel 
According to this design criterion, which ensures that fracture of the PT steel does not 
occur, the roof drift corresponding to fracture of the PT steel, Θfp should be greater than 
the roof drift corresponding to crushing of confined concrete, Θccc.  Thus, 
cccfp ΘΘ >      (3-6) 
 
3.2.7 Criterion 7: Roof Drift Limit Under Maximum Considered Ground Motion 
This criterion prevents a premature failure of the gravity load resisting system of the 
building, which is separate from the lateral load resisting system, due to an excessive 
lateral drift of the structure.  According to this criterion, the roof drift demand for the 
maximum considered ground motion, Θm, should not exceed the roof drift of the structure 
corresponding to failure of the gravity load resisting system, Θg.  That is,  
gm ΘΘ ≤                 (3-7) 
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3.2.8 Other Criteria 
A criterion was developed by Kurama et al. (1999a) to prevent shear slip along the panel-
to-foundation connections under the action of earthquake loads.  This criterion compares 
estimated maximum wall base shear demands with the shear friction capacity of the 
horizontal joint at the base of the wall.  This criterion requires nonlinear dynamic 
analyses to estimate the maximum wall base shear demands (Kurama et al. (1999a).  The 
current research project does not address the nonlinear dynamic behavior of unbonded 
post-tensioned precast walls, but nonlinear dynamic analyses have been conducted by 
Kurama (1997). 
 
Wall Detailing Requirements 
Proper detailing of a wall is required to ensure adequate performance under combined 
gravity and lateral loads.  In this section, previous research conducted by Kurama (1997) 
is used in conjunction with the current ACI 318 Code (2002) to establish a set of 
guidelines for detailing an unbonded post-tensioned precast wall for lateral load 
resistance.  The wall system treated in the present study can be classified as a “special 
structural wall constructed using precast concrete” as defined in the ACI 318 Code 
(2002).  According to the ACI 318 Code (2002), a “special structural wall constructed 
using precast concrete” must satisfy all requirements for a “cast-in-place special 
structural wall” and an “intermediate precast structural wall,” as defined in the ACI 318 
Code (2002).  As a result, some requirements imposed by the ACI 318 Code (2002) 
prohibit the use of an unbonded post-tensioned precast wall like the one treated in the 
present study.  These prohibitive requirements, which are ignored for the walls treated in 
the present study, are also identified in the following discussion.  It is noted that, for 
consistency, the notation used in the ACI 318 Code (2002) has been replaced with that 
used in the present study. 
 
Kurama (1997) developed a criterion to control the height of the confining reinforcement, 
hcr at each end near the base of the wall.  Nonlinear dynamic analyses performed by 
Kurama (1997) showed that, in general, confining reinforcement is only required over the 
height of the base panel (i.e., the first story height).  However, according to the ACI 318 
Code (2002), the confining reinforcement (referred to as special boundary element 
reinforcement in the ACI 318 Code) is to extend vertically from the wall base no less 
than the larger of lw and Mllp/(4Vllp).  Therefore, it is recommended that the height of the 
confining reinforcement, hcr, measured from the wall base, should be no less than the 
larger of lw, Mllp/(4Vllp), and the height of the first story (i.e., wH Hr ⋅1 ).  
 
The ACI 318 Code (2002) specifies a minimum requirement for extending the confining 
reinforcement from the wall base into the foundation to accommodate the forces 
transferred to it by the wall under combined vertical and lateral loads.  Accordingly, the 
confining reinforcement should extend into the foundation at least the development 
length of the largest longitudinal reinforcement in the confined concrete region unless the 
confined portion of the wall rests on a footing, where the confining reinforcement should 
extend at least 12 in. into the footing.  For an unbonded post-tensioned precast concrete 
wall, this requirement can be met by providing confining reinforcement in the foundation, 
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but this reinforcement would be discontinuous at the horizontal joint between the bottom 
edge of the base panel and the top of the foundation.  Design of the foundation is not 
treated in the present study. 
 
Kurama (1997) developed a criterion to control the length of the confining reinforcement, 
lcr at each end near the base of the wall.  According to Kurama (1997), in order to prevent 
crushing of the concrete in the web of the base panel (i.e., the central region of the wall 
panel which is outside of the confined regions), the confining reinforcement should be 
provided over a length of approximately 0.30lw, measured from the end of the wall 
toward the centerline of the wall.  According to the ACI 318 Code (2002), the minimum 
length of the confining reinforcement should be the larger of ( wllp lc 1.0− ) and ( 2/llpc ).  
Therefore, it is recommended that the length of the confining reinforcement, lcr, measured 
from each end of the wall, should be no less than the larger of ( wllp lc 1.0− ), ( 2/llpc ), and 
0.30lw. 
 
The minimum amount of confining reinforcement specified by the ACI 318 Code (2002) 
depends on the confining reinforcement details used (e.g., spiral or hoop reinforcement).  
For spiral reinforcement, the amount of confining reinforcement is defined in terms of a 
volumetric ratio, ρsp (i.e., the ratio of spiral reinforcement volume to the core volume 
confined by the spiral reinforcement).  According to the ACI 318 Code (2002), ρsp should 
not be less than ( syc ff /12.0 ′ ) nor )/()1/(45.0 sycccg ffAA ′⋅− , where cf ′  is the specified 
unconfined concrete strength, fsy is the specified yield strength of the spiral steel 
(maximum of 60 ksi), Acg is the gross concrete area near one end of the wall 
(approximately equal to wcr tl ⋅ ) (in.2), and Ac is the area of spiral confined concrete core 
(approximately equal to wcr tl ′′⋅ ) (in.2). 
 
For hoop reinforcement, the amount of confining reinforcement is defined in terms of an 
area ratio, ρh (i.e., the ratio of hoop reinforcement cross-sectional area to the transverse 
core area confined by the hoop reinforcement).  According to the ACI 318 Code (2002), 
ρh should not be less than ( syc ff /09.0 ′ ). 
 
According to the ACI 318 Code (2002), the pitch of the confining reinforcement, s should 
not exceed tw/4 (in.), six times the diameter of the longitudinal reinforcement (in.), nor 
]3/)14[(4 xl−+  (in.) (this term not to exceed 6 in. nor be less than 4 in.), where lx is the 
maximum horizontal spacing of hoop or cross-tie legs on all faces of the wall (in.).   
 
According to the ACI 318 Code (2002), special reinforced concrete structural walls must 
have distributed horizontal and vertical shear reinforcement providing resistance in two 
orthogonal directions in the plane of the wall.  The ACI 318 Code (2002) specifies that at 
least two layers of shear reinforcement should be used in a wall if the in-plane factored 
shear force (i.e., Vllp) exceeds ( cww ftl ′⋅2 ), where cf ′  is given in psi.  Furthermore, the 
ACI 318 Code (2002) specifies that the horizontal reinforcement area ratio, ρhoriz (i.e., the 
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ratio of horizontal shear reinforcement area to gross concrete area of vertical section) 
must not be less than 0.0025.  On the other hand, the vertical reinforcement area ratio, 
ρvert (i.e., the ratio of vertical shear reinforcement area to gross concrete area of horizontal 
section) must not be less than (0.0025+0.5(2.5-Hw/lw) ( )0025.0−⋅ horizρ ) nor 0.0025, but 
need not be greater than ρhoriz. 
The ACI 318 Code (2002) specifies that the spacing of horizontal shear reinforcement 
must not exceed lw/5 (in.), 3tw (in.), nor 18 in.  On the other hand, the spacing of vertical 
shear reinforcement must not exceed lw/3 (in.), 3tw (in.), nor 18 in. 
 
The ACI 318 Code (2002) requires a minimum area of bonded reinforcement for all 
prestressed flexural members with unbonded tendons (e.g., bonded reinforcement across 
the horizontal joint at the wall base for the wall considered in the present study).  
According to the code, this bonded reinforcement ensures flexural behavior at ultimate 
member strength, rather than tied arch behavior, and also limits crack width and spacing 
(e.g., gap opening width) at service load when concrete tensile stresses exceed the 
modulus of rupture.  This requirement would significantly limit the gap opening behavior 
along the horizontal joint at the wall base in order to keep the bonded reinforcement from 
fracturing.  Furthermore, it is expected that the range of linear-elastic behavior (without 
significant gap opening) at service load can be controlled with the level of prestressing.  
Therefore, for the walls treated in the present study, the requirement for providing 
bonded (flexural) reinforcement across the horizontal joint at the wall base is neglected. 
 
3.3 ESTIMATION OF DESIGN CAPACITIES 
The previous section described the design criteria that are used to control the behavior of 
an unbonded post-tensioned precast wall.  This section describes how the structure 
capacity for each design criterion is calculated. 
 
3.3.1 Criterion 1 Capacity (Vell) 
The base shear corresponding to the effective linear limit state, Vell of an unbonded post-
tensioned precast wall is calculated using Equation 2-15. 
 
3.3.2 Criterion 2 Capacity (Vllp) 
The base shear capacity, Vllp of an unbonded post-tensioned precast wall is computed 
from Equation 2-25. 
 
3.3.3 Criterion 3 Capacity (Θllp) 
The roof drift corresponding to yielding of the PT steel, Θllp of an unbonded post-
tensioned precast wall is calculated using Equation 2-30. 
 
3.3.4 Criterion 4 Capacity (δall) 
The maximum allowable story drift for the design level ground motion, δall is equal to 
2.0% based on the IBC-2003 provisions and ASCE 7-02 (2003).  This value is applicable 
to buildings assigned to Seismic Use Group I in accordance with IBC-2003 and ASCE 7-
02 (2003). 
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3.3.5 Criterion 5 Capacity (Θccc) 
The roof drift capacity corresponding to crushing of confined concrete, Θccc for an 
unbonded post-tensioned precast wall is estimated from Equation 2-36. 
 
3.3.6 Criterion 6 Capacity (Θfp) 
The roof drift capacity corresponding to fracture of the PT steel, Θfp for an unbonded 
post-tensioned precast wall is estimated using Equation 2-40. 
 
3.3.7 Criterion 7 Capacity (Θm) 
See Section 3.4.4. 
 
3.4 ESTIMATION OF DESIGN DEMANDS 
This section describes how to calculate the design demand for each criterion of the design 
approach. 
 
3.4.1 Criteria 1 and 2 Demands (Vd) 
The wall design base shear demand for the design level ground motion, Vd is estimated by 
distributing the building code-specified structure design base shear demand, sdV  between 
the unbonded post-tensioned precast walls and other lateral load resisting members in a 
structure.  The structure design base shear demand, sdV  depends on the properties of the 
structure, the seismicity of the region where the building is located, and the soil profile at 
the building site, and is given by: 
WCV s
s
d ⋅=                (3-8) 
W is the seismic weight of the structure, which is comprised of the building self-weight 
and dead load only (live load is excluded).  It is noted that for the case of an office 
building (which is considered in the present study, as discussed in Chapter 4) partition 
loads of 20 psf, which are part of the live loads used in the design of a building as per 
ASCE 7-02 (2003), are included in the seismic weight computation.  ASCE 7-02 (2003) 
identifies the loads that should be included in the seismic weight computation based on 
the building type.  Cs is the seismic response coefficient defined in various building 
codes.  The IBC-2003 and ASCE 7-02 (2003) definition of Cs is adopted in this study. 
 
3.4.2 Criterion 3 Demand (Θd) 
The wall roof drift demand for the design level ground motion, Θd is assumed to be equal 
to the linear-elastic roof drift demand under this ground motion.  The linear-elastic roof 
drift demand is estimated by dividing the wall linear-elastic base shear demand for the 
design level ground motion, Qd by the product of the wall initial lateral stiffness, kwi and 
the wall height, Hw. (Figure 3.3).  This estimation is based on the so-called equal 
displacement assumption.  Other displacement coefficient methods could be used (e.g., 
Miranda (2000), Miranda and Ruiz-Garcia (2002), and Ruiz-Garcia and Miranda (2003)).  
The wall initial lateral stiffness can be approximated as kwi = Vell/∆ell where Vell is 
calculated using Equation 2-15 and ∆ell is calculated using Equation 2-16.  Therefore, 
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ellw
ell
dd VH
QΘ ⋅⋅=
∆
        (3-9) 
where  
RVQ dd ⋅=  
R is the response modification coefficient, which is equal to 5.5 for special reinforced 
concrete shear walls in the IBC-2003 provisions. 
 
3.4.3 Criterion 4 Demand (δd) 
The maximum story drift demand for the design level ground motion, δd is determined 
by: ( )
hI
C
hI
C jjdjed
d ⋅
−⋅=⋅
⋅= −1(%) ∆∆δδ            (3-10) 
where h is the story height, Cd is the deflection amplification factor (equal to 5 when the 
IBC-2003 provisions are used), and I is the occupancy importance factor assigned to the 
structure (e.g., as given in the IBC-2003 and ASCE 7-02 (2003) provisions) .  δje is the 
linear-elastic story drift, defined as the difference between the lateral deflections of the 
floor level above and below the story under consideration (i.e, ∆j - ∆j-1), and is computed 
for each story by an elastic analysis of the wall under a code-specified distribution of 
equivalent lateral forces.  The elastic lateral deflection at an arbitrary floor level j of a 
wall with r stories, r one-story-tall wall panels, eccentric gravity loads whose magnitudes 
and eccentricities vary along the height of the wall, three groups of PT steel with different 
initial prestress forces, and lateral loads applied at each floor level, can be computed by: 
PjNjSjFjj ∆∆∆∆∆ +++=             (3-11) 
where 
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iNiiN NeM ⋅=,  (Equation 2-4) 
rNrrN NeM ⋅=,  (Equation 2-5) 
T T i1 1=  
T T i2 2=  
and iTT 33 = . 
Equation 3-11 is derived for the wall shown in Figure 2.3 in the same manner as Equation 
2-16 was derived for the roof displacement at ELL, ∆ell.  ∆Fj is the elastic deflection of the 
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wall at floor j in flexure due to lateral loads.  ∆Fj is obtained using the principle of 
superposition.  The first summation term in the ∆Fj equation represents the lateral 
deflection of floor j caused by lateral loads applied at floor j and at all the floor levels 
below it.  The second summation term in the ∆Fj equation represents the lateral deflection 
of floor j caused by lateral loads applied at the floor levels above floor j.  The deflection 
of the wall at floor j due to elastic shear deformations, obtained using the principle of 
superposition, is denoted as ∆Sj.  ∆Nj is the elastic deflection of the wall at floor j in 
flexure due to eccentrically applied gravity forces.   
 
The term MN,i in the ∆Nj equation represents a concentrated wall moment (measured 
positive in the clockwise direction) applied at floor level i which is calculated using 
Equation 2-4.  The first summation term in the ∆Nj equation represents the lateral 
deflection of floor j caused by MN,i applied at floor j and at all the floor levels below it.  
The second summation term in the ∆Nj equation represents the lateral deflection of floor j 
caused by MN,i applied at the floor levels above floor j.  ∆Pj is the elastic deflection of the 
wall at floor j caused by the application of different initial prestress forces in PT steel 
groups 1 and 3, denoted by T1i and T3i, respectively.  The moment produced by the 
unbalanced prestress forces on a panel is added over the panels and is applied to the wall 
as a concentrated moment (measured positive in the clockwise direction) at the roof level, 
because the PT steel is unbonded over the entire height of the wall, and thus the wall is 
subjected to a constant moment over its entire height. 
 
To compute the elastic lateral displacements at the roof level, which are required for the 
determination of the story drift in the top story, only the first summation term is 
considered in each of the ∆Fj, ∆Sj, ∆Nj equations, with j = r.   
 
Equation 3-11 is derived for a wall that has lateral loads applied to the right, as shown in 
Figure 2.3.  If the lateral loads are applied to the left, Equation 3-11 is valid as long as T1 
and T3 are interchanged, and eNi is measured positive from the wall centerline toward the 
left edge of the wall. 
 
3.4.4 Criterion 5 Demand (Θm) 
The roof drift demand for the maximum considered ground motion, Θm is computed as: 
dmm ΘαΘ ⋅=                 (3-12) 
The IBC-2003 and ASCE 7-02 (2003) provisions define the design level ground motion 
as having a ground shaking intensity that is 2/3 of the maximum considered earthquake 
ground motion.  Therefore, Θd = 2/3Θm, or Θm = 1.5Θd.  According to the NEHRP 
recommended provisions (1997), the factor of 1.5 is a lower bound estimate of the margin 
against collapse of a structure.  Therefore, αs should not be less than 1.5.  In the present 
study, a conservative value of 2.5 is used for αs, based on Kurama et al. (2002).  Θd in 
Equation 3-12 is computed using Equation 3-9. 
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3.4.5 Criterion 6 Demand (Θccc) 
The roof drift corresponding to crushing of confined concrete, Θccc for an unbonded post-
tensioned precast wall is estimated from Equation 2-36. 
 
3.4.6 Criterion 7 Demand (Θg) 
As noted earlier, it is assumed that the gravity load resisting system can sustain a roof 
drift of 2.5% without failure.  Accordingly, Θg = 2.5%. 
 
3.5 SUMMARY OF SEISMIC DESIGN CRITERIA 
Table 3.1 summarizes the seismic design criteria presented in Section 3.2 and identifies 
the equations used to estimate the capacity and demand for each design criterion of the 
seismic design approach. 
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Table 3.1. Summary of seismic capacities and demands. 
 
Seismic Design 
Criteria 
(Section 3.2) 
Capacity Demand 
Criterion 1 R
Q
VV ddddell αα =⋅≥
(Eqn. 3-1) 
ellV  
(Eqn. 2-15 ) 
65.0=dα  
dQ ,R , dV  
 (IBC-2003 and 
ASCE 7-02 (2003)) 
Criterion 2 dllpf
VVΦ ≥  
(Eqn. 3-2) 
=fΦ 0.9 
llpV  (Eqn. 2-25 ) 
dV  
(IBC-2003 and 
ASCE 7-02 (2003)) 
Criterion 3 dllp
ΘΘ ≥  
(Eqn. 3-3) 
llpΘ  
(Eqn. 2-30) 
dΘ  
(Eqn. 3-9) 
Criterion 4 dall
δδ ≥  
(Eqn. 3-4) 
allδ  
(IBC-2003 and 
ASCE 7-02 (2003))
dδ  
(Eqn. 3-10) 
Criterion 5 mccc
ΘΘ ≥  
(Eqn. 3-5) 
cccΘ  
(Eqn. 2-36) 
dmm ΘΘ ⋅= α  
 (Eqn. 3-12) 
Criterion 6 cccfp
ΘΘ >  
(Eqn. 3-6) 
fpΘ  
(Eqn. 2-40) 
cccΘ  
(Eqn. 2-36) 
Criterion 7 gm
ΘΘ ≤  
(Eqn. 3-7) 
mΘ  
(Eqn. 3-12) 
=gΘ 2.5% 
(Kurama et al. (1999a))
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 CHAPTER 4 
 
SEISMIC DESIGN OF THE FULL-SCALE PROTOTYPE WALL 
 
This chapter discusses the seismic design of the prototype unbonded post-tensioned 
precast concrete wall treated in the experimental program.  The prototype structure, 
which relies on ten identical unbonded post-tensioned precast walls for seismic 
resistance, is described in Section 4.1. Section 4.2 identifies the properties of the 
prototype wall.  Lastly, Section 4.3 presents the seismic design of the prototype wall 
using the design approach presented in Chapter 3. 
 
4.1 THE PROTOTYPE STRUCTURE 
The prototype structure is a six-story office structure located in a high seismic region.  
The structure uses unbonded post-tensioned precast walls as the primary lateral-load 
resisting system in one direction and unbonded post-tensioned precast frames in the 
orthogonal direction.  The prototype structure is a modified version of a prototype 
structure designed by Kurama et al. (1996, 1997, 1999a) (referred to as structure SH1 in 
Kurama’s work) used to analytically evaluate the response of unbonded post-tensioned 
precast walls to seismic loads.  The only difference between the prototype structure 
considered in the present study and that treated by Kurama et al. (1996, 1997, 1999a) is 
that in the present study, the prototype structure has equal story heights (each at 13 ft.), 
while Kurama’s prototype structure has a taller first story (i.e., 16 ft.) and each of the 
other five stories is 13 ft. tall.  This modification was made in the current study so that all 
the wall panels in the test program would be the same height, thus eliminating the need 
for formwork with different geometries. 
  
4.1.1 Building Layout 
The prototype structure is a six-story office building with a plan view as shown in Figure 
4.1.  The building has a footprint of 192 ft. x 110 ft. and is 78 ft. tall.  The building plan 
includes 8 bays in the east-west direction and 3 bays in the north-south direction.  The 
lateral load resistance is provided by ten unbonded post-tensioned precast walls in the 
north-south direction and by four unbonded post-tensioned lateral load resisting frames in 
the east-west direction.  The gravity load resistance is provided by gravity load resisting 
frames, the walls, and the lateral load resisting frames.  The present study focuses on the 
lateral load behavior of the walls only.  Seismic design and behavior of unbonded post-
tensioned precast frames is discussed by El-Sheikh et al. (1997, 1999, 2000). 
 
4.1.2 Structural Members of the Prototype Structure 
As shown in Figure 4.1, the prototype structure is comprised of unbonded post-tensioned 
precast walls, lateral load resisting frame members, gravity load frame members, and 
floor and roof members.  This section describes the structural members of the prototype 
structure other than the unbonded post-tensioned precast walls.  The geometry of these 
structural members is used to obtain estimates for the gravity loads on the prototype wall 
and of the seismic weight, W of the prototype structure.  A detailed description of a 
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typical wall in the prototype structure (referred to as the full-scale prototype wall) is 
given in Section 4.2. 
 
All members of the prototype structure were selected by Kurama (1997) using the PCI 
Design Handbook for Precast and Prestressed Concrete (Prestressed Concrete Institute 
1985).  For the current study, the PCI Design Handbook (Prestressed Concrete Institute 
1992) was used to obtain an estimate of the gravity loads on the walls and of the seismic 
weight of the prototype structure, W.  
 
The unbonded post-tensioned lateral load resisting frames, which are located along the 
northern and southern edges of the prototype structure (Figure 4.1), consist of 16 in. by 
32 in. rectangular girders (designation 16RB32 in the PCI Design Handbook (1992)) and 
24 in. by 36 in. rectangular columns (shown shaded in black in Figure 4.1). 
 
The gravity load resisting frames consist of inverted T-beams in the interior spans 
(designation 24IT24 in the PCI Design Handbook (1992)), L-beams along the perimeter 
of the building (designation 18LB24 in the PCI Design Handbook (1992)), and 24 in. by 
24 in. square columns (shown as open squares in Figure 4.1). 
 
The floor and roof systems are comprised of 4 ft. by 12 in. hollow-core panels with 2.5 
in. cast-in-place topping.  As shown in Figure 4.1, the hollow-core panels span in the 
north-south direction. 
 
4.1.3 Structure Gravity Loads 
A summary of the gravity loads used in the design of the prototype structure is given 
below. 
 
Floor loads 
dead load: concrete structure weight + 30 psf 
live load: 50 psf 
cladding: 550 plf along the perimeter of the building 
 
Roof loads 
dead load: concrete structure weight + 30 psf 
live load: 12 psf 
parapet : 550 plf along the perimeter of the building 
 
The concrete structure weight includes the weight of the precast elements (150 pcf) and 
the weight of the 2.5 in. cast-in-place topping on the hollow-core floor and roof panels.  
According to the PCI Design Handbook (1992), the untopped weight of the hollow-core 
panels is 273 plf, and the self weights of the inverted T-beams and L-beams are 450 plf 
and 375 plf, respectively.  Kurama (1997) used 30 psf for the 2.5 in. cast-in-place topping 
based on the PCI Design Handbook (1985).  The additional 30 psf of floor dead load (i.e., 
superimposed dead load) includes 20 psf for partition walls and 10 psf for ceiling, finish, 
electrical equipment, mechanical ducts, piping, etc. (Kurama 1997).  Based on 
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information from an advisory panel, Kurama used 30 psf of dead load for the roof, in 
addition to the concrete structure weight (Kurama 1997).  Floor and roof live loads used 
by Kurama are the same as those specified in the ASCE 7-02 (2002) provisions.  
Cladding and parapet loads were used by Kurama based on information from an advisory 
panel.  The following gravity loads are not considered: elevator, stairway, snow, and 
heavy equipment loads.  The gravity loads supported by each wall in the prototype 
structure are defined in Section 4.2.2. 
 
4.2 THE FULL-SCALE PROTOTYPE WALL 
The full-scale prototype wall considered in the present study is shown schematically in 
Figure 4.2 and its properties are summarized in Table 4.1.  The wall is comprised of six 
one-story-tall precast wall panels which are grouted to each other along horizontal joints.  
The full-scale prototype wall is 20 ft. long, 78 ft. tall, and 1 ft. thick.  Thus, the cross-
sectional aspect ratio, lw/tw is 20/1 = 20, and the overall aspect ratio, Hw/lw is 78/20 = 3.9.  
The wall panels are attached to the foundation across the horizontal joints using 
unbonded PT steel (shown dashed in Figure 4.2) that is anchored at the roof and within 
the foundation. 
 
Three groups of unbonded PT steel are provided.  The eccentricity of the PT steel, ep, 
taken from the centerline of the wall to the centroid of the PT steel group, is equal to 42.5 
in. for PT steel groups 1 and 3.  The cross-sectional area of each PT bar, Ab is 1.5 in.2.  
PT steel group 2 is comprised of 12 bars, and groups 1 and 3 are comprised of eight bars 
each.  Thus, the total PT steel area in PT steel group 2, Ap2, is 18 in.2.  The total PT steel 
area in PT steel groups 1 and 3, Ap1 and Ap3, respectively, is 12 in.2.  The total area of PT 
steel in the wall, Ap is 42 in2.  The PT steel is placed inside 2.5-in.-diameter ducts which 
remain ungrouted, resulting in the unbonding of the PT steel over the entire height of the 
wall.  PT steel groups 1 and 3 are prestressed to 57% of the steel ultimate strength (i.e., 
fp1i = fp3i = 0.57fpu), while PT steel group 2 is prestressed to 59% of the steel ultimate 
strength (i.e., fp2i = 0.59fpu).  These prestress levels represent the values of prestress after 
losses, but prior to the application of gravity loads on the wall. 
 
Confining reinforcement (denoted by the shaded regions in Figure 4.2) is used to confine 
the concrete at the ends of the base panel.  The confining reinforcement shown in Figure 
4.2 consists of interlocking spirals, but other confining reinforcement details can be used 
(e.g., hoop reinforcement).  The confining reinforcement is provided over a length, lcr of 
5.5 ft. (0.275lw) near each end of the base panel, and over a height, hcr of 13 ft. (0.65lw), 
the height of the base panel.  It is noted that hcr does not satisfy the ACI 318 Code (2002) 
minimum requirement for the height of the confining reinforcement (i.e., 20 ft.) because 
this requirement was introduced into the code after the full-scale prototype wall had been 
designed.  The spiral reinforcement is fabricated by coiling 3/8-in.-diameter smooth steel 
wire into 6-in.-diameter (center-to-center) spiral coils with a pitch, s of 1 in.  The 
resulting spiral reinforcement volumetric ratio, ρsp is 7.3%, which is larger than that 
required by the ACI 318 Code (2002) (i.e., 1.2%).  The pitch, s of 1 in. also satisfies the 
ACI 318 Code (2002) requirement (i.e., 3 in. maximum). 
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As shown in Figure 4.2, the web reinforcement consists of No. 3 horizontal ties, provided 
at 7 in. on-center and No. 3 vertical bars, provided at 6 in. on-center.  The resulting 
horizontal and vertical reinforcement area ratios, ρhoriz and ρvert, respectively, are 0.26% 
and 0.31%, which satisfy the minimum ACI 318 Code (2002) requirement of 0.25%.  
Furthermore, the spacing of the web reinforcement satisfies the maximum allowable 
spacing as per the ACI 318 Code (2002) (i.e., 18 in.).  The cover concrete outside the 
horizontal ties is 3/4 in. thick.  The wall panels above the base panel have the same cross-
section as that shown in Figure 4.2, except that there is no confining reinforcement. 
 
4.2.1 Design Material Properties 
The design material properties for the full-scale prototype wall shown in Figure 4.2 are 
given by Kurama et al. (1997) and are summarized in Table 4.1.  The specified 
compressive strength of the unconfined concrete, cf ′ , for the full-scale prototype wall is 
6000 psi.   
 
The concrete within the wall is subjected to various levels of confinement by the 
reinforcement.  Accordingly, three types of concrete stress-strain relationships are 
defined for the wall in Figure 4.2 as follows: (1) unconfined (cover) concrete (i.e., 
concrete outside the ties); (2) confined concrete (i.e., concrete within the confining 
reinforcement); and (3) tie confined concrete (i.e., concrete outside the confining 
reinforcement and inside the ties).  The compressive stress-strain relationships of the 
three types of concrete are estimated using the confinement model developed by Mander 
et al. (1988a, 1988b) and are shown in Figure 4.3.  It is noted that the specified yield 
strength of the spiral wire and the ties, fsy is 60 ksi.  Accordingly, the compressive 
strength of confined concrete, ccf ′  is 14.8 ksi and the ultimate strain capacity of the 
confined concrete, εcu (calculated using Equation A-2) is 0.092 in./in.  Poisson’s ratio for 
concrete, ν is taken as 0.15 (Park and Paulay 1975). 
 
The stress-strain relationship for the PT steel is shown in Figure 4.4.  The yield stress of 
the PT steel, fpy is 120 ksi at a strain, εpy of 4.14x10-3 in./in. and the ultimate strength, fpu 
is 160 ksi at a strain, εpu of 0.04 in./in.  The fracture strain of the PT steel, εpf is 0.08 
in./in. 
 
4.2.2 Gravity Loads on the Full-Scale Prototype Wall 
The gravity loads supported by the full-scale prototype wall include the self weight of the 
wall panels, and estimated dead and live loads for the floor and roof levels, which are 
calculated based on the tributary area for a wall in the prototype structure (Figure 4.1).  
The tributary area for the prototype wall is given as 24 ft. x (15 + 20) ft. = 840 ft2.  The 
estimated dead loads supported by the full-scale prototype wall at the floor and roof 
levels include the tributary weight of the hollow-core panels, topping, inverted T-beams 
from the gravity load resisting frame, and superimposed dead load (i.e., 30 psf).  The live 
loads supported by the full-scale prototype wall at the floor and roof levels are calculated 
from the floor and roof live loads (i.e., 50 psf and 12 psf, respectively) based on the wall 
tributary area.   
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For the full-scale prototype wall, the self weight of each wall panel (neglecting the 
weight of the panel reinforcement) is estimated as 39 kips.  A dead load of 118.3 kips is 
estimated for each floor and for the roof.  Unreduced live loads for the floor and roof 
levels are estimated as 42 kips and 10.1 kips, respectively.  Based on the ASCE 7-02 
(2003) specifications, a 51% reduction in floor live load is allowed.  Thus, the reduced 
live load for each floor level is 0.51 x 42 kips = 21.4 kips.  No reduction is allowed for 
the roof live load. 
 
In summary, the full-scale prototype wall supports the following total loads at the base of 
the wall: 234 kips due to the wall self weight + 710 kips due to floor and roof dead load = 
944 kips of dead load, including the wall self weight; 220 kips of unreduced live load or 
120 kips of reduced live load.  These gravity load values can be considered in load cases 
for design, as discussed in Kurama et al. (1997).  In the present study, it is assumed that 
the full-scale prototype wall carries the full (i.e., unfactored) dead load, including the 
wall self weight (i.e., 944 kips) and 1/4 of the unreduced live load, (i.e, 0.25 x 220 kips = 
55 kips) at the time the earthquake occurs.  Therefore, it is assumed that at the time the 
earthquake occurs, the total vertical load, N supported by the full-scale prototype wall at 
the base is 999 kips.  All vertical loads act concentrically along the height of the wall 
(i.e., eNi = 0 for each floor level i) (see Figure 2.2). 
 
4.3 SEISMIC DESIGN OF THE FULL-SCALE PROTOTYPE WALL 
This section describes the seismic design of the full-scale prototype wall.  The wall is 
designed according to the design approach outlined in Chapter 3.  Section 4.3.1 
summarizes the design capacities of the full-scale prototype wall, and Section 4.3.2 
summarizes the design demands for the full-scale prototype wall.  Lastly, Section 4.3.3 
compares the design capacities and demands in accordance with the seismic design 
criteria discussed in Section 3.2. 
 
4.3.1 Full-Scale Prototype Wall Design Capacities 
The estimation of design capacities for an unbonded post-tensioned precast wall is 
discussed in Section 3.3.  The design capacities are: (1) the base shear corresponding to 
the effective linear limit state, Vell; (2) the base shear capacity, Vllp; (3) the roof drift 
corresponding to yielding of the PT steel, Θllp; (4) the maximum allowable story drift, 
δall; (5) the roof drift corresponding to crushing of confined concrete, Θccc; (6) the roof 
drift capacity corresponding to fracture of the PT steel, Θfp; and (7) the roof drift 
corresponding to the maximum considered ground motion, Θm.  The full-scale prototype 
wall design capacities are summarized in Table 4.2. 
 
4.3.2 Full-Scale Prototype Wall Design Demands 
The estimation of design demands for an unbonded post-tensioned precast wall is 
discussed in Section 3.4.  The wall demands are: (1) the wall design base shear demand 
for the design level ground motion, Vd; (2) the wall roof drift demand for the design level 
ground motion, Θd; (3) the maximum story drift demand for the design level ground 
motion, δd; (4) the roof drift demand for the maximum considered ground motion, Θm; (5) 
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the roof drift corresponding to crushing of confined concrete, Θccc; and (6) the roof drift 
of the structure corresponding to failure of the gravity load resisting system, Θg. 
 
Estimation of the wall demands requires the estimation of various seismic properties and 
demands for the prototype structure.  The seismic properties and demands for the 
prototype structure (shown in Table 4.3) include the estimated seismic weight, W, first 
mode period, T, structure design base shear demand, sdV , structure linear-elastic base 
shear demand for the design level ground motion, sdQ , and the structure linear-elastic 
base shear demand for the maximum considered ground motion, smQ .  For R equal to 5.5 
and Qm equal to 2.5 times the wall linear-elastic base shear demand for the design level 
ground motion, Qd (i.e., αm = 2.5), sdQ  = 5.5 sdV  and smQ  = 2.5 sdQ . 
The wall design base shear demand, Vd for the full-scale prototype wall is determined 
from the structure design base shear demand in accordance with the applicable building 
code (e.g., IBC-2003, ASCE 7-02 (2003), NEHRP (1997), and UBC (1997)).  In the 
present study, the IBC-2003 and ASCE 7-02 (2003) provisions are used.  Due to the 
symmetry in the plan layout of the prototype structure (Figure 4.1), the center of mass 
and the center of stiffness of the building coincide.  An accidental eccentricity equal to 
5% of the dimension of the structure in the direction perpendicular to the walls (i.e., 0.05 
x 192 ft. = 9.6 ft.) is considered in design as required by IBC-2003 and ASCE 7-02 
(2003).  According to the aforementioned codes, the design base shear demand for the 
prototype wall is obtained by adding the wall base shear demand due to story translations 
induced by the ground motion, Vd-trans and the wall base shear demand due to story twist 
caused by accidental torsion, Vd-acc.  Since 10 walls resisting the ground motion in the 
north-south direction (Figure 4.1), Vd-trans = sdV /10 (neglecting the weak-direction-
stiffness of the frames).  Kurama et al. (1997) show that Vd-acc = 0.032 sdV  for the 
prototype structure configuration shown in Figure 4.1.  Therefore, the wall design base 
shear demand for the full-scale prototype wall, Vd = (445 kips + 143 kips) = 588 kips.  
Table 4.2 summarizes the wall design base shear demand along with the other estimated 
demands for the full-scale prototype wall. 
 
4.3.3 Full-Scale Prototype Wall Seismic Design Capacities versus Design Demands 
Table 4.2 compares estimated design capacities and demands (associated with the seven 
design criteria discussed in Section 3.2) for the full-scale prototype wall.  Table 4.2 
shows that the full-scale prototype wall satisfies all of the seismic design criteria 
discussed in Section 3.2.  Finally, Figure 4.5 compares the estimated base shear and roof 
drift capacities and base shear and roof drift demands (based on Design Criteria 1, 2, 3, 
and 5) for the full-scale prototype wall. 
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Table 4.1. Properties of the full-scale prototype wall. 
Length, lw 240 in. 
Height, Hw = Hunb 936 in. 
Thickness, tw 12 in. 
Confined length, lcr 66 in. 
Confined height, hcr 156 in. 
Confined thickness, wt ′′  10.125 in. 
Critical crushing height, Hcr 20.25 in. 
Stories, r 6 
Floor height ratios: rH1; rH2;   
                      rH3; rH4; rH5; rHr
0.167; 0.333; 
0.5; 0.667; 0.833; 1.0 
Aw,net 2743 in.2 
Iw 1.368 x 107 in.4 
Wall 
Parameters 
wA′  2285 in.2 
Ap1 + Ap2 + Ap3 = Ap (12 + 18 + 12) in.2 = 42 in.2 
ep 42.5 in. 
Ep 29000 ksi 
fpy 120 ksi 
fpu 160 ksi 
fp1i = fp3i = 0.57fpu 91.2 ksi 
fp2i = 0.59fpu 94.4 ksi 
T1i = T3i 1094 kips 
T2i 1699 kips 
Prestress 
Parameters 
fci,p = (T1i + T2i + T3i)/Aw,net 1.42 ksi 
cf ′  6000 psi 
Ec 4415 ksi 
Gc 1920 ksi 
ρsp 7.3 % 
ccf ′  14.8 ksi 
Concrete 
Properties 
εcu 0.092 in./in. 
N  999 kips 
eNi (for i = 1 to r) 0 in. Load 
Parameters Floor load ratios: rF1; rF2;        
                  rF3; rF4; rF5; rFr 
0.048; 0.097; 
0.146; 0.195; 0.244; 0.271 
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Table 4.2. Estimated seismic capacities and demands for the full-scale prototype wall. 
 
Seismic Design 
Criteria 
(Section 3.2) 
Capacity Demand 
Criterion 1 R
Q
VV ddddell αα =⋅≥
(Eqn. 3-1) 
=ellV 583 kips 
(Eqn. 2-15 ) 
65.0=dα  
=dQ 3234 kips 
=R 5.5 
=dV 588 kips 
=⋅ dd Vα 382 kips 
(IBC-2003 and 
ASCE 7-02 (2003)) 
Criterion 2 dllpf
VVΦ ≥  
(Eqn. 3-2) 
=fΦ 0.9 
=llpV 843 kips 
=⋅ llpf VΦ 759 kips 
(Eqn. 2-25 ) 
=dV 588 kips 
(IBC-2003 and 
ASCE 7-02 (2003)) 
Criterion 3 dllp
ΘΘ ≥  
(Eqn. 3-3) 
=llpΘ 1.04% 
(Eqn. 2-30) 
=dΘ 1.02% 
(Eqn. 3-9) 
Criterion 4 dall
δδ ≥  
(Eqn. 3-4) 
=allδ 2.0% 
(IBC-2003 and 
ASCE 7-02 (2003))
=dδ 1.16%* 
(Eqn. 3-10) 
Criterion 5 mccc
ΘΘ ≥  
(Eqn. 3-5) 
=cccΘ 4.65% 
(Eqn. 2-36) 
dmm ΘΘ ⋅= α  
=mα 2.5 
=mΘ 2.55% 
(Eqn. 3-12) 
Criterion 6 cccfp
ΘΘ >  
(Eqn. 3-6) 
=fpΘ 67.5% 
(Eqn. 2-40) 
=cccΘ 4.65% 
(Eqn. 2-36) 
Criterion 7 gm
ΘΘ ≤  
(Eqn. 3-7) 
=mΘ 2.55% 
(Eqn. 3-12) 
=gΘ 2.5% 
(Kurama et al. (1999a))
* maximum of story drifts computed for all stories (corresponding to drift of story 6). 
 
 
Table 4.3. Estimated seismic properties and demands for the prototype structure. 
W 
(kips) 
T 
(sec.)
Vsd 
(kips)
Qsd 
(kips)
Qsm 
(kips)
24486 0.53 4452 24486 61215
8 bays at 24' = 192'
40
'
hollow-
core
panels
gravity
load frame
lateral
load frame wall
L-beam
inverted
T-beamcolumn
Figure 4.1. Plan layout of the prototype structure
                  (adapted from Kurama et al. 1999a).
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Figure 4.2. Full-scale prototype wall: (a) elevation; (b) half of the cross-section
                  near the base (enlarged).
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Figure 4.3. Concrete compressive stress-strain relationships for different
                   levels of confinement in the full-scale prototype wall.
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Figure 4.4.  PT steel stress-strain relationship considered in the full-
                   scale prototype wall (adapted from Kurama et al. 1997).
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Figure 4.5. Base shear and roof drift capacities and demands for the 
                  full-scale prototype wall.
linear-elastic response
Θ  = 2.55%m
Q  = 8085 kipsm
Q  = 3234 kipsd
Θ  = 1.02%d wall responsebased on closed-
form expressions
α V  = 382 kipsd d
V  = 588 kipsd
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 CHAPTER 5 
 
DESCRIPTION OF THE EXPERIMENTAL PROGRAM 
 
This chapter describes the large-scale experimental program conducted at the ATLSS 
Research Center at Lehigh University.  Section 5.1 describes two scaled prototype walls, 
which are obtained by scaling down the full-scale prototype wall.  Section 5.2 gives a 
detailed account of the test specimens, referred to as test walls.  Finally, Section 5.3 
identifies the test procedure for testing the test walls.   
 
5.1 THE SCALED PROTOTYPE WALLS 
The experimental program is conducted to study the response of several isolated multi-
story unbonded post-tensioned precast concrete walls under combined gravity and lateral 
loads.  The full-scale prototype wall was described in detail in Chapter 4 and its 
properties were given in Figure 4.2 and were summarized in Table 4.1 (Figure 4.2 is 
reproduced in Figures 5.1(a) and (c)).  Two scaled prototype walls are considered in the 
present study: a spiral confined scaled prototype wall and a hoop confined scaled 
prototype wall.  The two scaled prototype walls have the same geometry, but have 
different confinement details in the base panel, as described later.  The dimensions of the 
scaled prototype walls are obtained by scaling the full-scale prototype wall by a factor of 
5/12 (except for the wall thickness which is scaled by a factor of 1/2 so that the cross-
sections of the scaled prototype walls can accommodate the steel reinforcement and cover 
concrete).  From similitude, the scale factor for force is (5/12)2, and the scale factor for 
the wall cross-sectional area is 5/12 x 1/2 = 5/24.  Accordingly, the scale factor used for 
concrete stress on the wall cross-section is (5/12)2/(5/24) = 5/6.   
 
Figures 5.1(a) and (b) compare the full-scale prototype wall and the scaled prototype 
walls in elevation, while Figures 5.1(c), (d), and (e) compare the cross-sections of the 
full-scale prototype wall and the scaled prototype walls.  The scaled prototype walls are 
8.33 ft. long, 32.5 ft. tall, and 0.5 ft. thick.  Thus, the cross-sectional aspect ratio, lw/tw is 
8.33/0.5 = 16.7, and the overall aspect ratio, Hw/lw is 32.5/8.33 = 3.9.  As shown in Figure 
5.1(b), three groups of unbonded PT steel are provided in the scaled prototype walls.  The 
eccentricity of the PT steel, ep, taken from the centerline of the walls to the centroid of 
the PT steel group, is equal to 17.25 in.  The cross-sectional area of each PT bar, Ab in the 
scaled prototype walls is 1.25 in2.  The scaled prototype walls have six PT bars, resulting 
in a total area of PT steel, Ap of 7.5 in.2, which is approximately equal to Ap for the full-
scale prototype wall (i.e., 42 in.2), scaled by a factor of (5/12)2, (i.e., 7.29 in.2).  The PT 
steel is placed inside 2.75-in.-diameter corrugated conduits which remain ungrouted, 
resulting in the unbonding of the PT steel over the entire height of the scaled prototype 
walls.  The PT steel in all three groups of the scaled prototype walls is prestressed to 
55.3% of the steel ultimate strength (i.e., fp1i = fp2i = fp3i = 0.553fpu).  This prestress level 
represents the value of prestress after losses, but prior to the application of gravity loads 
on the wall.  By prestressing the PT steel in the scaled prototype walls to 0.553fpu, the 
resulting initial stress in the concrete due to prestressing, fci,p is 1.19 ksi, which is 
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approximately equal to fci,p for the full-scale prototype wall (i.e., 1.42 ksi), scaled by a 
factor of 5/6, (i.e., 1.18 ksi). 
The shaded regions shown in Figure 5.1 represent the locations of special confining 
reinforcement that is provided in the panels so that the walls can sustain the large 
compressive strains that develop under combined vertical and lateral loads.  Two 
confinement details are considered for confining the ends of the base panel of the scaled 
prototype walls: (1) spiral confinement and (2) hoop confinement details.  These two 
confinement details are shown schematically in Figure 5.1(d) and (e), respectively and 
will be described shortly.  As discussed in Chapter 6, the hoop confinement details were 
introduced in order to mitigate a buckling failure mode observed during the testing of a 
wall with spiral confinement.  Figures 5.1(a) and (b) show that the wall panels above the 
first story do not have special confining reinforcement.  Therefore, three types of wall 
panels are considered for the scaled prototype walls: (1) a spiral confined wall panel; (2) 
a hoop confined wall panel; and (3) an unconfined wall panel.  Each scaled prototype 
wall panel has a height of 65 in.  These wall panels are described in detail below. 
 
5.1.1   Wall Panel Reinforcement 
Three types of wall panels are considered for the scaled prototype walls: (1) a spiral 
confined wall panel; (2) a hoop confined wall panel; and (3) an unconfined wall panel. 
These wall panels are described next. 
 
Scaled Spiral Confined Wall Panel 
Figure 5.2 shows the reinforcement details of the scaled spiral confined wall panel 
considered for the spiral confined scaled prototype wall and for two test walls, as 
discussed in Section 5.4.  The spiral reinforcement is fabricated by coiling 0.391-in.-
diameter smooth steel wire into 4-in.-diameter (center-to-center) spiral coils.  Each spiral 
coil has a pitch, s of 1.625 in. and measures approximately 65 in. tall (i.e., the height of a 
typical scaled wall panel).  Eight spiral coils are interlocked as shown in Figure 5.2, thus 
providing confining reinforcement over a length, lcr of 26.75 in. (0.27lw) near each end of 
the base panel, and over a height, hcr of 65 in. (0.65lw), which correspond to the same 
confinement proportions considered for the full-scale prototype wall.  It is noted that hcr 
does not satisfy the ACI 318 Code (2002) minimum requirement for the height of the 
confining reinforcement (i.e., 100 in.) because this requirement was introduced into the 
code after the spiral confined scaled prototype wall had been designed.  The spiral 
reinforcement volumetric ratio, ρsp, in the scaled spiral confined wall panel is 7.39%, 
which is larger than the 2.25% required by the ACI 318 Code (2002) (Section 3.2.8).  The 
pitch, s of 1.625 in. does not satisfy the maximum requirement of 1.5 in. specified in the 
ACI 318 Code (2002) (Section 3.2.8).   However, as will be shown in Section 5.1.6, the 
confinement provided with a pitch of 1.625 in. is sufficient to satisfy the seismic demands 
for the spiral confined scaled prototype wall. 
 
As shown in Figure 5.2, a layer of welded wire mesh is tied directly to the outer surface 
of the spiral reinforcement on each face of the wall panel.  The welded wire mesh, which 
is designated 4x4-W4.0xW4.0, has a center-to-center wire spacing of 4 in. and a nominal 
wire diameter of 0.225 in. in both directions.  Each layer of welded wire mesh covers the 
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entire face of the wall panel, but does not extend across any of the horizontal joints of the 
wall.  It is noted that additional single wires (shown dashed in Figure 5.2(a)), cut from the 
same welded wire mesh, are tied to the upper and lower portions of the welded wire mesh 
to provide additional control of cracking of the panel under load.  Thus, the total amount 
of horizontal shear reinforcement that is provided by the welded wire mesh in the spiral 
confined wall panel is 2.1 in.2, corresponding to a horizontal reinforcement area ratio, 
ρhoriz of 0.54%, which satisfies the minimum requirement of 0.25% specified in the ACI 
318 Code (2002) (Section 3.2.8).  In addition, a pair No. 4 rebars, approximately 100 in. 
long, is provided lengthwise across the top and bottom edges of the wall panel to prevent 
a splitting failure at the corners of the wall panel.  The total amount of vertical shear 
reinforcement provided by the welded wire mesh in the spiral confined wall panel is 2.0 
in.2, corresponding to a vertical reinforcement area ratio, ρvert of 0.33%, which satisfies 
the minimum requirement of 0.25% specified in the ACI 318 Code (2002) (Section 
3.2.8).  Furthermore, the spacing of the horizontal and vertical shear reinforcement (4 in.) 
satisfies the maximum allowable spacing of 18 in. specified in the ACI 318 Code (2002) 
(Section 3.2.8). 
 
As shown in Figures 5.2(a) the wall panel has two 1.625-in. diameter through-thickness 
conduits located 20 in. apart and 8.5 in. below the top edge of the wall panel.  These 
through-thickness conduits are used for lifting the wall panel. 
 
Scaled Hoop Confined Wall Panel 
Figure 5.3 shows the reinforcement details of the scaled hoop confined wall panel 
considered for the hoop confined scaled prototype wall and for three test walls, as 
discussed in Section 5.4.  The reinforcement for the entire panel is fabricated using No. 3 
deformed rebars.  The confined regions of the panel consist of closely-spaced sets of 
confinement hoops, where each confinement set is comprised of three small confinement 
hoops on top of one large confinement hoop.  The large confinement hoops measure 
26.875 in. x 4.75 in. (center-to-center), while the small confinement hoops measure 5.875 
in. x 4.75 in. (center-to-center).  The confinement hoops are tied to twelve No. 3 vertical 
bars in each confined region of the wall panel, as shown in Figure 5.3.  The confinement 
sets are spaced at a pitch of 1.875 in. along the entire 65- in. tall height of a typical scaled 
wall panel, where the first confinement set is located directly at the base of the wall 
panel.  Therefore, the hoop confinement is provided over a length, lcr of 26.875 in. 
(0.27lw) near each end of the base panel, and over a height, hcr of 65 in. (0.65lw), which 
correspond to the same confinement proportions considered for the full-scale prototype 
wall.  It is noted that hcr does not satisfy the ACI 318 Code (2002) minimum requirement 
of 100 in. for the height of the confining reinforcement (Section 3.2.8) because this 
requirement was introduced into the code after the hoop confined scaled prototype wall 
had been designed.  The pitch, s of 1.875 in. exceeds the maximum requirement of 1.5 in. 
specified in the ACI 318 Code (2002) (Section 3.2.8) because reducing s to 1.5 in. would 
make it nearly impossible to cast the panel.  However, as will be shown in Section 5.1.6, 
the confinement provided with a pitch of 1.875 in. is sufficient to satisfy the seismic 
demands for the hoop confined scaled prototype wall. 
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It is noted that the hoop configuration shown in Figure 5.3(b) provides unequal 
confinement in the length- and through-thickness directions (referred to as the lw direction 
and the tw direction, respectively in Figure 5.3(b)).  The hoop reinforcement area ratio in 
the lw direction (Section A-A in Figure 5.3(b)), ρh,lw is 2.47%, while the hoop 
reinforcement area ratio in the tw direction (Section B-B in Figure 5.3(b)), ρh,tw is 1.75%.  
Referring to Figure 5.3(b), ρh,tw is determined for each hoop confined region of the wall 
panel by considering the cross-sectional area of eight hoop legs which confine the 
concrete in the tw direction (six hoop legs from the small confinement hoops and two 
hoop legs from the large confinement hoop, as defined by Section B-B in Figure 5.3(b)).  
ρh,lw is determined for each hoop confined region of the wall panel by considering the 
cross-sectional area of two hoop legs which confine the concrete in the lw direction (the 
two hoop legs are from the large confinement hoop in the regions between two adjacent 
small confinement hoops, as defined by Section A-A in Figure 5.3(b)).  The regions 
defined by typical Sections A-A represent the most critical regions confining the concrete 
in the lw direction, because they have the least amount of hoop legs confining the 
concrete.  Both hoop reinforcement area ratios, ρh,lw (2.47%) and ρh,tw (1.75%) satisfy the 
minimum ACI 318 Code (2002) requirement of 0.9% (Section 3.2.8). 
 
Figure 5.3 shows that a pair of horizontal No. 3 rebars (shown dashed) are embedded 
within the two confined regions of the wall panel and run horizontally from one end of 
the panel to the other.  This steel (referred to as the horizontal steel) is tied to vertical No. 
3 rebars (referred to as the vertical steel) creating a rebar grid which is designed to resist 
shear and control cracking of the wall panel.  The horizontal steel is placed in alternating 
groups of confining hoops (except near the top of the panels), as shown in Figure 5.3, 
corresponding to a maximum horizontal steel spacing of 3.75 in., which satisfies the ACI 
318 Code (2002) maximum spacing requirement (i.e., 18 in.).  The horizontal steel is not 
entirely developed within the hoop confined regions and is thus not included in 
determining ρh,lw.  The total amount of horizontal steel that is provided in the scaled hoop 
confined wall panel is 4.0 in.2, corresponding to a horizontal reinforcement area ratio, 
ρhoriz of 1.0%, which satisfies the minimum requirement of the ACI 318 Code (2002) 
(i.e., 0.25%).  It is noted that for the scaled hoop confined wall panels, the 2.75-in.-
diameter PT steel conduits are pressed into an oval shape (approximately 3.125 in. by 2.5 
in.) throughout their entire length so that they could fit inside the two layers of horizontal 
steel (see Figure 5.3(b)). 
 
The two faces of horizontal steel are tied together through the thickness of the wall panels 
using No. 3 through-thickness hoops which are oriented in the plane of a vertical section 
of the wall, enclosing four horizontal steel bars. The through-thickness hoops are located 
within the web of the panel, adjacent to the PT steel conduits (see Figure 5.3).  The total 
transverse web reinforcement area ratio, ρtw (i.e., the ratio of transverse web hoop 
reinforcement cross-sectional area to the gross area of the panel web in elevation, 
approximated by )2(1 crwwH llHr −⋅⋅ ) provided by the through-thickness hoops in the 
hoop confined scaled wall is 0.59%.   The ACI 318 Code (2002) does not address the use 
of transverse web reinforcement, as defined herein. 
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The vertical steel is provided over a height of 65 in. (i.e., the height of a typical scaled 
wall panel), but does not extend across any of the horizontal joints of the wall.  The 
vertical steel is spaced at 4 in. within the confined regions and at approximately 5 in. 
within the web of the wall panel, thus satisfying the 18 in. maximum spacing requirement 
specified in the ACI 318 Code (2002) (Section 3.2.8).  The total amount of vertical steel 
that is provided in the hoop confined wall panel is 4.4 in.2, corresponding to a vertical 
reinforcement area ratio, ρvert of 0.73%, which satisfies the 0.28% minimum requirement 
specified in the ACI 318 Code (2002) (Section 3.2.8). 
   
As shown in Figures 5.3(a) the wall panel has two 1.625-in.-diameter through-thickness 
conduits located 20 in. apart and 8.5 in. below the top edge of the wall panel.  These 
through-thickness conduits are used for lifting the wall panel. 
 
Scaled Unconfined Wall Panel 
Figure 5.4 shows the reinforcement details of a typical upper-story wall panel considered 
for the scaled prototype wall (as well as for the test walls, as discussed in Section 5.6).  
Since this type of scaled wall panel does not contain special confining reinforcement, it is 
referred to as a scaled unconfined wall panel.  This panel has two layers of 6x6-
W4.0xW4.0 welded wire mesh.  The welded wire mesh has a center-to-center wire 
spacing of 6 in. and a nominal wire diameter of 0.276 in. in both directions.  Each layer 
of welded wire mesh covers the entire face of the wall panel, but does not extend across 
any of the horizontal joints of the wall.  Thus, the total amount of horizontal crack control 
steel that is provided by the welded wire mesh in the scaled unconfined wall panel is 1.2 
in.2, corresponding to a horizontal reinforcement area ratio, ρhoriz of 0.31%, which 
satisfies the 0.25% minimum requirement of the ACI 318 Code (2002) (Section 3.2.8).  
In addition, a pair of No. 4 rebars, bent in a u-shape, is provided across the top and 
bottom edges of the wall panel.  The total amount of vertical shear reinforcement 
provided by the welded wire mesh in the unconfined scaled wall panel is 2.0 in.2, 
corresponding to a vertical reinforcement area ratio, ρvert of 0.34%, which satisfies the 
0.25% minimum requirement of the ACI 318 Code (2002) (Section 3.2.8).  Furthermore, 
the 6 in. spacing of the horizontal and vertical shear reinforcement satisfies the 18 in. 
maximum allowable spacing as per the ACI 318 Code (2002) (Section 3.2.8). 
 
As shown in Figure 5.4(a), the wall panel has two 1.625-in.-diameter through-thickness 
conduits located 20 in. apart and 8.5 in. below the top edge of the wall panel.  These 
through-thickness conduits are used for lifting the wall panel.  The other through-
thickness conduits shown in Figure 5.4(a) are provided in the wall panel for the purpose 
of bracing the panel in the test set-up as discussed in Section 5.2, and are not intended to 
be provided for the scaled prototype wall. 
 
5.1.2 Loads on the Scaled Prototype Walls 
As discussed in Section 4.2.2, the total vertical load, N supported by the full-scale 
prototype wall at the base is 999 kips.  Using the force scale factor of (5/12)2, the total 
vertical load, N supported by the scaled prototype walls at the base is 173.4 kips.  The 
lateral load at each floor level i is applied to the scaled prototype walls in the same 
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proportion, rFi (for i = 1 to r) as for the full-scale prototype wall (see Tables 5.1 and 5.2 
for values). 
 
5.1.3 Design Material Properties 
This section identifies the design material properties considered for the spiral confined 
scaled prototype wall and for the hoop confined scaled prototype wall. 
 
Spiral Confined Scaled Prototype Wall 
The design material properties for the spiral confined scaled prototype wall are 
summarized along with other properties in Table 5.1.  The specified compressive strength 
of the unconfined concrete, cf ′ , for the spiral confined scaled prototype wall is 6000 psi.  
Figure 5.5 shows the unconfined and confined concrete compressive stress-strain 
relationships for the spiral confined scaled prototype wall.  These stress-strain 
relationships were obtained using the confinement model developed by Mander et al. 
(1988a, 1988b).  It is noted that the specified yield strength of the spiral wire, fsy is 60 ksi.  
Accordingly, the compressive strength of confined concrete, ccf ′  is 14 ksi and the 
ultimate strain capacity of the confined concrete, εcu is 0.102 in./in.  The value of εcu is 
estimated using Equation A.2 (see Appendix A), where the ratio of volume of transverse 
(i.e., confining) reinforcement to volume of concrete core, ρs = ρsp = 0.0739 (Section 
5.1.1); the stress in the longitudinal (vertical) reinforcement within the confined concrete 
core, fsl = 0 ksi (i.e., no longitudinal reinforcement within the confined concrete core); 
and cf ′  = 6 ksi (41.37 MPa is used in Equation A-2).  In Equation A-2, fc represents the 
stress-strain relationship of the confined concrete, estimated in accordance with Mander 
et al. (1988a). 
 
The stress-strain relationship for the PT steel is the same as that considered for the full-
scale prototype wall (see Figure 4.4).  The yield stress of the PT steel, fpy is 120 ksi at a 
strain, εpy of 4.14x10-3 in./in. and the ultimate strength, fpu is 160 ksi at a strain, εpu of 
0.04 in./in.  The fracture strain of the PT steel, εpf is 0.08 in./in. 
 
Hoop Confined Scaled Prototype Wall 
The design material properties for the hoop confined scaled prototype wall are 
summarized along with other properties in Table 5.2.  Grade 60 rebar is specified for the 
steel reinforcement in the hoop confined scaled prototype wall.  Figure 5.6 shows a 
typical stress-strain relationship for a Gr. 60 rebar (adapted from Nilson 1997).  Figure 
5.6 was obtained by scaling off numerous points directly from Nilson’s plot and fitting a 
set of curves through these points.  The functions shown in Figure 5.6 define the best-fit 
curve through these points, shown dashed in Figure 5.6. 
 
The specified compressive strength of the unconfined concrete, cf ′ , for the hoop confined 
scaled prototype wall is 8000 psi.  Figure 5.7 shows the unconfined and confined 
concrete compressive stress-strain relationships for the hoop confined scaled prototype 
wall.  These stress-strain relationships were obtained using the confinement model 
developed by Mander et al. (1988a, 1988b).  Accordingly, the compressive strength of 
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confined concrete, ccf ′  is 13 ksi and the ultimate strain capacity of the confined concrete, 
εcu is 0.059 in./in.  The value of εcu is estimated using Equation A.1 as described in 
Appendix A.  Using Equation 1.1 to evaluate εcu requires the definition of stress-strain 
functions for the transverse (i.e., confining) steel and longitudinal (i.e., vertical) steel 
within the confined concrete core, fs and  fsl, respectively.  Since the reinforcing steel in 
the hoop confined scaled prototype wall is all the same, the stress-strain relationship 
shown in Figure 5.6 (defined by the set of functions given in Figure 5.6) is used to define 
fs and fsl.  In Equation A-1, fc represents the stress-strain relationship of the confined 
concrete, estimated in accordance with Mander et al. (1988a). 
 
The stress-strain relationship for the PT steel is the same as that considered for the full-
scale prototype wall (see Figure 4.4).  The yield stress of the PT steel, fpy is 120 ksi at a 
strain, εpy of 4.14x10-3 in./in. and the ultimate strength, fpu is 160 ksi at a strain, εpu of 
0.04 in./in.  The fracture strain of the PT steel, εpf is 0.08 in./in. 
 
5.1.4 Design Capacities for Scaled Prototype Walls 
The estimation of design capacities for an unbonded post-tensioned precast wall is 
discussed in Section 3.3.  The design capacities are: (1) the base shear corresponding to 
the effective linear limit state, Vell; (2) the base shear capacity, Vllp; (3) the roof drift 
corresponding to yielding of the PT steel, Θllp; (4) the maximum allowable story drift, 
δall; (5) the roof drift corresponding to crushing of confined concrete, Θccc; (6) the roof 
drift capacity corresponding to fracture of the PT steel, Θfp; and (7) the roof drift 
corresponding to the maximum considered ground motion, Θm.  The design capacities for 
the spiral confined scaled prototype wall and for the hoop confined scaled prototype wall 
are summarized in Tables 5.3 and 5.4, respectively.   
 
5.1.5 Design Demands for Scaled Prototype Walls 
The estimation of design demands for an unbonded post-tensioned precast wall is 
discussed in Section 3.4.  The wall demands are: (1) the wall design base shear demand 
for the design level ground motion, Vd; (2) the wall roof drift demand for the design level 
ground motion, Θd; (3) the maximum story drift demand for the design level ground 
motion, δd; (4) the roof drift demand for the maximum considered ground motion, Θm; (5) 
the roof drift corresponding to crushing of confined concrete, Θccc; and (6) the roof drift 
of the structure corresponding to failure of the gravity load resisting system, Θg. 
 
Section 4.3.2 summarizes the design demands for the full-scale prototype wall.  The 
design demands for the spiral confined scaled prototype wall and the hoop confined 
scaled prototype wall are summarized in Tables 5.3 and 5.4, respectively.  The wall base 
shear demands, Qd and Vd for the scaled prototype walls are obtained by scaling each of 
the wall base shear demands for the full-scale prototype wall (see Table 4.2) by a factor 
of (5/12)2.   
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5.1.6 Seismic Design Capacities versus Design Demands for Scaled Prototype 
Walls 
Tables 5.3 and 5.4 compare estimated design capacities and demands (associated with the 
seven design criteria discussed in Section 3.2) for the spiral confined scaled prototype 
wall and the hoop confined scaled prototype wall, respectively.  Tables 5.3 and 5.4 show 
that the two scaled prototype walls satisfy all of the design criteria discussed in Section 
3.2.  Finally, comparisons between the estimated base shear and roof drift capacities and 
base shear and roof drift demands (based on Design Criteria 1, 2, 3, and 5) are shown for 
the spiral confined scaled prototype wall and for the hoop confined scaled prototype wall 
in Figures 5.8 and 5.9, respectively.  It is noted that the roof drift demands for the spiral 
confined scaled prototype wall are larger than the roof drift demands for the hoop 
confined scaled prototype wall because the former has a lower initial lateral stiffness than 
the latter.  This difference in the initial lateral stiffness of the scaled prototype walls 
occurs because different unconfined concrete compressive strengths, cf ′  were specified 
for the scaled prototype walls, thus affecting the elastic concrete modulus, Ec of the walls, 
as shown in Tables 5.1 and 5.2. 
 
5.2 THE TEST WALLS 
This section gives a detailed account of the test walls considered in the experimental 
study.  The term test wall refers to a wall specimen tested in the laboratory.   
 
5.2.1 General Test Wall Configuration 
The full-scale prototype wall and two scaled prototype walls were described in detail in 
Sections 3.1 and 5.1, respectively.  As was discussed, the full-scale prototype wall and 
the scaled prototype walls are comprised of six one-story-tall precast panels (see Figure 
5.1(a) and (b)).  Figure 5.10 compares the test wall to the full-scale prototype wall and to 
the scaled wall, in elevation.  Lateral loads are applied in the east-west direction.  Figure 
5.11 is a drawing of the test wall in isometric view which, together with Figure 5.10(c), is 
used to describe various components the test wall. 
 
As shown in Figures 5.10(c) and 5.11, the test wall is comprised of four wall panels 
(numbered sequentially from the base), a loading block, a filler panel, and an extension 
panel, which are grouted along horizontal joints (see Figure 5.11 for joint identification).  
The four wall panels of the test wall represent the bottom four panels of the scaled wall 
(see Figures 5.10(b) and 5.10(c)).  It is noted that the test wall and the scaled wall have 
the same cross-sections and reinforcement details (e.g., see Figure 5.1(d) and (e)).  The 
bottom two panels of the test wall have special confining reinforcement on both ends, as 
shown by the shaded regions in Figure 5.10(c).  This confining reinforcement is provided 
so that the wall can sustain the large compressive strains that develop at the ends of the 
panel under combined vertical and lateral loads.  Although confining reinforcement is not 
provided in the second panel of the full-scale wall or the scaled wall, it is provided in the 
second panel of the test wall to preserve the panel’s integrity and thus make it reusable 
throughout the experimental program.  As a result, the test wall has confining 
reinforcement over a height, hcr equal to 65 in. x 2 = 130 in., which unintentionally 
satisfies the ACI 318 Code (2002) minimum requirement of 100 in. (Section 3.5.8).  
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Section 5.1.1 described the reinforcement details of three types of scaled wall panels for 
the scaled prototype walls (i.e., scaled spiral confined-, scaled hoop confined-, and scaled 
unconfined wall panels, shown in Figures 5.2, 5.3, and 5.4, respectively).  The 
reinforcement details of the scaled wall panels described in Section 5.1.1 were selected 
for the reinforcement details of the test wall panels, as will be discussed in Section 5.2.3. 
 
The loading block, which rests on Panel 4, is used to apply gravity and lateral loads to the 
test wall.  The gravity load is applied to the test wall by stressing an external 1.25-in.-
diameter PT bar on each side of the wall using two 100-ton capacity hydraulic gravity 
load actuators.  Figure 5.11 only shows the gravity load actuator on the south side of the 
wall, but another actuator is located on the north side of the wall.  The gravity load 
actuators are mounted on the loading block and exert a compressive force along the 
centerline of the test wall when the external gravity load bars are stressed in tension.  It is 
noted that the gravity load bars are anchored within the foundation using a rocker that 
allows the bars to pivot at the base, thus relieving the bars of any bending stresses.  
During each test, the total gravity load applied to the test wall with the two exterior 
gravity load bars remains essentially constant at 119.5 kips.  The total applied gravity 
load of 119.5 kips, together with the self weight of the test wall (i.e., 53.9 kips), generates 
a total vertical load, N at the base of the test wall equal to 173.4 kips, which is the same 
as the total vertical load supported by the scaled prototype walls at the base.  
 
As shown in Figure 5.10(c), the lateral load actuator is attached to the west end of the 
loading block and exerts a lateral load in the east-west direction at a height, Hact of 23.73 
ft. from the base of the wall.  The height, Hact represents the resultant of a triangular 
inertia force profile with zero load at the base and the maximum load at the roof (Figure 
5.10(b)).  The lateral load actuator, acting at Hact, generates the same moment to shear 
ratio at the base of the test wall as does the triangular inertia force profile on the scaled 
wall.   
 
The influence of using one lateral load to represent a lateral load distribution (i.e., 
discrete lateral loads applied at each floor level) on the lateral load response of a wall is 
investigated using Figure 5.12.  Figure 5.12 is a plot of base shear versus lateral drift, 
where the lateral drift is obtained by dividing the lateral displacement at Hact by Hact.  The 
solid curve in Figure 5.12 represents the lateral load response (obtained using modified 
closed-form expressions similar to those derived in Chapter 2) of the spiral confined 
scaled prototype wall under a lateral load distribution as per the IBC-2003 Provisions 
(e.g., see Figure 5.10(b)). The modified closed-form expressions account for evaluating 
the lateral displacements at Hact instead of at the roof.  The dashed curve in Figure 5.12 
represents the lateral load response of a spiral confined scaled test wall, which has one 
equivalent lateral load acting at Hact, as shown in Figure 5.10(c).  Figure 5.12 shows that 
using one lateral load to represent the lateral load distribution on the wall is acceptable, as 
it leads to the same lateral load response.  Thus, unless otherwise noted, all lateral load 
results presented hereafter will correspond to the results of a test wall, which has one 
equivalent lateral load acting at Hact, as shown in Figure 5.10(c). 
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Referring to Figure 5.11, a 2.5-in.-thick steel plate is anchored to the west end of the 
loading block (where the lateral load actuator is attached) using eight 1.375-in.-diameter 
PT bars that are stressed along the entire length of the loading block (i.e., in the east-west 
direction).  The loading block is stressed lengthwise to a level greater than the expected 
lateral load resistance of the walls so that the large steel plate (and thus the lateral load 
actuator) does not decompress from the test walls as the actuator pulls the walls 
westward, and so that the loading block does not crack under westward loading.  
 
As shown in Figures 5.10(c) and 5.11, there are two panels above the loading block, 
referred to as a filler panel and an extension panel.  It is noted that the height of the test 
wall, measured from the base of Panel 1 to the top of the extension panel is not the same 
as the height of the scaled wall because the laboratory cannot accommodate such a 
height.  However, in order to relate the strains that develop in the PT steel in the test wall 
to the strains that develop in the PT steel in the scaled wall (shown dashed in Figure 
5.10), the scaled wall and the test wall both have the same unbonded height, Hunb (32.5 
ft.).  The unbonded height of 32.5 ft. is achieved for the test wall by providing the filler 
panel and the extension panel and by anchoring the PT steel within the foundation, as 
shown in Figure 5.10(c). 
 
5.2.2 Test Fixture 
The experimental program is designed to study the lateral load response of several 
isolated multi-story unbonded post-tensioned precast concrete walls.  In a building, a wall 
is restrained from out-of-plane motion by the surrounding floor elements.  Therefore, to 
study the behavior of isolated walls in the laboratory, a test fixture was designed to 
restrain the test walls against out-of-plane movement.  Figure 5.13 shows the test fixture 
in plan and Figure 5.14 shows a photograph of the test fixture in elevation.  As shown in 
Figure 5.13, the test fixture consists of two frames; a north frame and a south frame.  The 
north frame has two W-shaped steel columns and three levels of horizontal steel 
members.  At each level, the north frame has two north-south tie-back beams and three 
bracing elements (i.e., a channel and two angles), as shown in Figure 5.13.   The north-
south tie-back beams transfer the out-of-plane wall bracing forces to the north lab strong 
wall in compression.  The channel and two angles are provided at each level to stiffen the 
north frame in the east-west direction.  The steel at each level also supports wooden 
platforms, as shown in Figure 5.14, providing access to the test walls along their height. 
 
The south frame has four W-shaped steel columns and two levels of horizontal steel 
members.  At each level, the south frame has an east-west spreader beam and two north-
south tie-back beams.  The spreader beams transfer the out-of-plane wall bracing forces 
from the two interior columns of the south frame to the two exterior columns of the south 
frame (see Figure 5.13).  The out-of-plane wall bracing forces are transferred to the north 
lab strong wall in tension by the north-south tie-back beams.  The south frame has angles 
that stiffen the frame in the east-west direction (see diagonal members in Figure 5.14). 
 
To ensure that the test walls are properly braced as they displace laterally during each 
test, and to significantly reduce the lateral forces transmitted to the test fixture, the 
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following bracing method is implemented.  Four bracing pads are attached to each wall 
panel (two on each side) as shown in Figures 5.11 and 5.13.  The bracing pads are 
centered approximately 8 in. below the top of each panel (see Figure 5.15).  As shown in 
Figure 5.11, the loading block has two bracing pads attached to it (one on each side) at 
the centerline of the wall, just below the pockets where the gravity load actuators rest.  
All of the bracing pads are comprised of a 1.75-in.-thick steel plate that has a 3/8-in.-
thick Teflon pad epoxied to it on the exposed surface.  The bracing pads are grouted to 
the wall panels and move with the test walls, sliding against machined flanges of guide 
beams located on the north and south sides of the wall near the horizontal joints (see 
Figures 5.13 and 5.15).  The sliding of Teflon on steel reduces the amount of lateral load 
transferred through friction from the test walls onto the test fixture.  It is noted that at the 
time the bracing pads were grouted to the panels, gaps of 1/32 in. and 1/16 in. were left 
between the Teflon and the machined flange surfaces along the height so that the walls 
were completely isolated under their own self weight.  Furthermore, to ensure that the 
bracing pads did not break off of the test walls during testing, the bracing pads were 
stressed tightly against the test walls to increase their shear resistance (see Figure 5.15).  
Referring to Figure 5.13, the north and south guide beams have a slotted hole in their web 
which accommodates the lateral displacement of each gravity load bar during testing. 
 
The test fixture is attached to a foundation comprised of several precast components that 
are grouted to each other and are anchored to the lab strong floor using sixteen 3-in.-
diameter threaded tie-down rods, as shown in Figures 5.11 and 5.13.  The tie-down rods 
prevent overturning of the foundation during the wall tests.  The precast foundation 
components are also stressed horizontally using 1.375-in.-diameter PT steel, as shown in 
Figure 5.11, to minimize cracking in the foundation during the wall tests.  As shown in 
Figure 5.11, the foundation contains a smaller precast element, referred to as the 
disposable block, where Panel 1 rests.  The disposable block is stressed in the east-west 
direction to minimize cracking during the wall tests using two 1-in.-diameter PT bars.  
The disposable block is anchored to the large foundation piece using twelve 1-in.-
diameter threaded rods that thread into inserts that were cast into the large foundation 
piece.  After each test, the disposable block was examined and it was replaced if it 
sustained significant damage. 
 
As shown in Figures 5.10(c), 5.11, and 5.14, the foundation has a manhole that provides 
access to the inside of the foundation, where the test wall PT steel and gravity load bars 
are anchored. 
 
5.2.3 Test Matrix 
The experimental program studies the effect of four parameters on the flexural behavior 
of unbonded post-tensioned precast concrete walls.  As summarized in Table 5.5, these 
parameters are: (1) total area of PT steel across a horizontal joint, Ap; (2) initial stress in 
the PT steel, fpi (normalized with respect to the ultimate strength of the PT steel, fpu); (3) 
initial stress in concrete due to post-tensioning, fci,p; and (4) confining reinforcement 
details in the base panel.  These parameters were considered in the present study because 
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they are expected to result in a significant variation in the lateral load behavior of the 
walls, as discussed in Section 5.2.5. 
 
A total of five walls were tested, referred to as TW1 through TW5 (corresponding to Test 
1 through Test 5, respectively).  TW1 was tested under monotonic lateral loading and a 
constant gravity load.  The remaining test walls were tested under cyclic lateral loading 
and a constant gravity load.  The bottom two panels of TW1 and TW2 have the same 
reinforcement details as the scaled spiral confined wall panel shown in Figure 5.2, while 
the bottom two panels of TW3 through TW5 have the same reinforcement details as the 
scaled hoop confined wall panel shown in Figure 5.3.  Panels 3 and 4 for TW1 through 
TW5 have the same reinforcement details as the scaled unconfined wall panel shown in 
Figure 5.4. 
 
It is noted that hoop reinforcement was used in TW3 through TW5 instead of spiral 
reinforcement in order to prevent a buckling failure mode in these test walls that was 
observed during the testing of TW2, as discussed further in Section 6.3.4.  Thus, TW3 
(having the same parameters as TW1 and TW2, except for the confinement details) is 
considered the base case test wall to which TW4 and TW5 results are compared, as 
discussed later. 
 
5.2.4 Test Wall Properties 
Table 5.6 summarizes the properties of TW1 and TW2, while Tables 5.7, 5.8, and 5.9 
summarize the properties of TW3, TW4, and TW5, respectively.  The design material 
properties for TW1 and TW2 are the same as the design material properties for the spiral 
confined scaled prototype wall (refer to Section 5.1.3).  Similarly, the design material 
properties for TW3 through TW5 are the same as the design material properties for the 
hoop confined scaled prototype wall (refer to Section 5.1.3). 
 
5.2.5 Predicted Lateral Load Response 
The properties summarized in Tables 5.6 through 5.9 are used in the expressions derived 
in Chapter 2 to estimate the expected lateral load response of each test wall, as discussed 
below.  The test parameters summarized in Table 5.5 were selected in the present study 
because they are expected to result in a significant variation in the lateral load behavior of 
the test walls.  Figure 5.16 shows predicted monotonic lateral load response curves for 
TW1 through TW5 obtained using the closed-form expressions derived in Chapter 2.  
The properties used for each test wall to obtain the predicted lateral load response curves 
of Figure 5.16 are summarized in Tables 5.6 through 5.9.  The predicted base shear and 
lateral drift response quantities plotted in Figure 5.16 are summarized for each test wall 
in Table 5.10. 
  
Referring to Table 5.5, TW1 and TW2 compare the effects of monotonic versus cyclic 
loading on the flexural behavior of the walls.  Since the closed-form expressions used to 
obtain the predicted lateral load response curves of Figure 5.16 cannot capture the cyclic 
lateral load response of a wall, only the monotonic response is estimated for TW2.  
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Furthermore, since TW1 and TW2 represent the same wall, the predicted monotonic 
lateral load response curves for TW1 and TW2 in Figure 5.16 are the same. 
 
Referring to Table 5.5, TW2 and TW3 compare the effects of changing the confining 
reinforcement on the lateral load response of the walls.  As noted earlier, the hoop 
confining reinforcement in TW3 replaced the spiral confining reinforcement in TW2 to 
prevent a buckling failure mode observed during the testing of TW2.  The buckling 
failure mode of TW2 is discussed in detail in Section 6.3.4.  This buckling failure mode 
was not anticipated.  Ideally, the unanticipated failure mode would have been mitigated 
in TW3 without changing the confining details in the base panel, but the geometry of the 
test wall cross-section did not allow the required steel to fit if spiral confinement was 
utilized.  Therefore, the hoop confined regions of TW3 were designed to have 
approximately the same strength, ccf ′  as the spiral confined regions of TW2 (see Figures 
5.5 and 5.7) so that TW3, which has the same prestress parameters as TW2 (see Tables 
5.6 and 5.7) would have a similar lateral load response as TW2.  TW3 was designed to 
have a similar lateral load response as TW2 so the effectiveness of the improved 
reinforcement details of TW3 in mitigating the buckling failure mode of TW2 could be 
examined. 
 
Comparing curves TW2 and TW3 in Figure 5.16, it is seen that, in general, the lateral 
load responses of TW2 and TW3 are similar, except that TW3 exhibits a slightly larger 
base shear (see also Table 5.10).  This is attributed to the use of a higher strength 
concrete in TW3 (i.e., 8=′cf  ksi) than in TW2 (i.e., 6=′cf  ksi), which (referring to 
Equation 2-18 and 2-19) reduces the contact length at the base, c ′′ (referred to as llpc ′′  in 
accordance with Step 8 in Section 2.4.5), thus increasing Vllp by increasing the lever arms 
1l , 2l , and 3l  in Equation 2-25.  Again, the primary reason for testing TW3 is to 
determine the effectiveness of the reinforcement details in mitigating the buckling failure 
mode observed during the testing of TW2. 
 
Referring to Table 5.5, TW3 and TW4 examine the effects of reducing the initial stress in 
the PT steel, fpi while maintaining the area of PT steel, Ap constant (and thus reducing the 
initial stress in the concrete due to post-tensioning, fci,p) on the lateral load response of the 
walls.  Comparing curves TW3 and TW4 in Figure 5.16, it is seen that reducing fpi while 
maintaining Ap constant (i.e., curve TW4) causes earlier softening behavior, denoted by 
the smaller range of linear-elastic behavior (see also Table 5.10).  TW4 softens earlier 
than TW3 because reducing fci,p results in a lower resistance to overturning of the wall.  
As shown in Table 5.10, TW4 exhibits a larger lateral drift capacity corresponding to 
yielding of the PT steel, Θllp, than TW3.  This is expected because reducing fpi while 
maintaining Ap constant (i.e., curve TW4) reduces the initial strain in the PT steel.  As a 
result, a larger gap width along the base joint (and thus a larger lateral drift) is required to 
yield the PT steel. 
 
Referring to Table 5.5, TW3 and TW5 examine the effects of reducing the area of PT 
steel, Ap while maintaining the initial stress in the PT steel, fpi constant (and thus reducing 
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fci,p) on the lateral load response of the walls (see Table 5.1). Comparing curves TW3 and 
TW5 in Figure 5.16 (and in Table 5.10), it is seen that reducing Ap while maintaining fpi 
constant (i.e., curve TW5) causes earlier softening behavior, a reduction in base shear 
capacity, and an increase in lateral drift capacity.  TW5 softens earlier that TW3 because 
reducing fci,p results in a lower resistance to overturning of the wall.  TW5 exhibits a 
smaller base shear capacity, Vllp than TW3 because reducing Ap while maintaining the 
same eccentricity of PT steel (i.e., curve TW5) reduces the total force developed in PT 
steel group 1 at yield, which reduces the base moment (and thus the base shear) capacity 
of the wall.  As shown in Figure 5.16 and in Table 5.10, TW5 exhibits a larger lateral 
drift capacity than TW3.  This is expected because reducing Ap reduces the forces that 
develop in the PT steel when the base shear capacity of the wall is reached, which in turn 
reduces the magnitude of the compression resultant at the wall base.  A smaller resultant 
at the wall base corresponds to a smaller contact length, which in turn corresponds to a 
larger lateral drift capacity. 
 
Lastly, referring to Table 5.5, TW4 and TW5 examine the effects of reducing the area of 
PT steel, Ap while maintaining the initial stress in the concrete due to post-tensioning, fci,p 
constant.  Comparing curves TW4 and TW5 in Figure 5.16 and in Table 5.10, it is seen 
that reducing Ap while maintaining fci,p constant and maintaining a constant eccentricity 
of the PT steel (i.e., curve TW5) reduces the base shear capacity, Vllp and reduces the 
lateral drift corresponding to yielding of the PT steel, Θllp.  This reduction in base shear 
capacity is expected because, as discussed earlier, reducing Ap (while maintaining the 
same eccentricity of the PT steel) reduces the total force developed in PT steel group 1 at 
yield, which reduces the base moment (and thus the base shear) capacity of the wall.  A 
reduction in Θllp is expected in TW5 because reducing Ap (while maintaining the same 
eccentricity of the PT steel) and maintaining fci,p constant increases the initial strain in the 
PT steel.  As a result, a smaller gap width along the base joint (and thus a smaller lateral 
drift) is required to yield the PT steel. 
 
5.2.6 Fabrication of Test Walls 
Numerous test wall components were fabricated by a local precast concrete plant, High 
Concrete Structures, Inc. (HCSI), and the key wall components were fabricated and 
instrumented in the laboratory.  It is noted that only the base panels (referred to as Panel 1 
for each test wall) were instrumented.  Details of the test wall instrumentation are given 
in Section 5.2.8.  Table 5.11 summarizes the different test wall components, identifies 
who fabricated them, and how they were utilized in the experimental program.  In 
addition, Table 5.11 provides design unconfined concrete strengths for the different test 
wall components and identifies the type of confinement used in each of the wall panels.  
The confinement details were described in Section 5.1.1.  Lastly, Table 5.11 identifies the 
status of the components after each test. 
 
The fabrication of the test walls was performed in four different casting operations, on 
the following dates: November 1997; July 1998; June 2002; and August 2002.  When 
HCSI fabricated components in their plant on November 1997, they provided the 
concrete.  However, in the three subsequent casting operations, which took place at 
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Lehigh University, the concrete was purchased from and delivered by Koller Concrete, 
Inc., located in Bethlehem, PA.  Panels 1A through 1E in Table 5.11 represent the base 
panels for TW1 through TW5, respectively (these panels were instrumented as noted in 
Table 5.11).  Figure 5.17 shows a typical reinforcement cage for the spiral confined 
scaled wall panels of TW1 and TW2, while Figure 5.18 shows a typical reinforcement 
cage for the hoop confined scaled wall panels of TW3 through TW5.  It is noted that the 
reinforcement cages shown in Figures 5.17 and 5.18 were fabricated to the specifications 
of Figures 5.2 and 5.3, respectively. 
 
All test wall components were fabricated without problems, except for Panel 1C.  Panel 
1C had a lack of consolidation void in the hoop confined region along the bottom west 
edge of the panel, as shown in Figure 5.19(a).  The void was approximately 22 in. in 
long, with a maximum width of approximately 5 in. and a maximum depth of 2.5 in.  To 
repair the void, it was thoroughly cleaned, a bonding agent (Grace Construction Products 
Daraweld-C) was applied to the surface (Figure 5.19(b)), and the same 8 ksi concrete 
mixture was used to fill the void.  Figure 5.19(c) shows the void in its repaired state. 
 
Numerous 6 in. x 12 in. concrete cylinders were cast during each of the three casting 
operations conducted at Lehigh University.  The concrete cylinders cured with the test 
wall panels so that they would experience the same curing conditions as the panels.  The 
concrete cylinder compression test results are presented in Chapter 7 along with other 
actual material properties for the test wall components. 
 
As noted in Table 5.11, Panels 1A through 1E were damaged during testing.  The failure 
modes for these panels are described in Chapter 6.   
 
Table 5.11 shows that three different wall panels (Panels 2F, 2G, and 2H) were used as 
panel 2 throughout the experiments.  At the end of Test 1, a small vertical crack was 
observed near the lower east corner of Panel 2F.  This crack, shown in Figure 5.20, 
occurred when Panel 1A failed in compression on the east side, subjecting Panel 2F to a 
sudden impact load as the wall dropped.  Panel 2F was repaired and reused in Test 2.  At 
the end of Test 2, Panel 2F was severely damaged due to an unexpected buckling failure 
mode in TW2 (see Chapter 6) and was replaced with Panel 2G for Tests 3 and 4.  Since 
the lower east and west corners of Panel 2G spalled during Test 4, Panel 2H was used in 
Test 5.  Aside from replacing one disposable block prior to Test 5, all other test wall 
components were reused throughout the experimental program. 
 
5.2.7 Erection of Test Walls 
The following is a summary of the erection sequence used to erect the test walls:  
 
1. All bracing pad steel plates were temporarily bolted to the flanges of guide beams at 
each level, with aluminum shims between the Teflon pads and the machined beam 
flanges.  The aluminum shims, when removed, provided a small gap between the 
bracing pads and the flanges of the guide beams, as shown in Figure 5.15. 
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2. Panel 1 was lowered into position, resting on temporary 1-in. wood shims located at 
the east and west ends of the panel to provide room for a 1-in.-thick grouted joint at 
the base.  Temporary wedges were inserted between the guide beams and Panel 1 to 
secure the panel after being plumbed, thus restraining the panel from out-of-plane 
movement. 
 
3. Wood forms were built around the base joint.  Forms were also built around the 
panel bracing, between the bracing pad steel plates and the wall panel.  A 5/8-in. 
threaded rod (referred to as a bracing rod) was introduced at each brace location, 
across each brace-panel-brace assembly, as shown in Figure 5.15.  The bracing rods 
were wrapped for debonding purposes.  The base joint and all the braces were then 
grouted with a fiber reinforced grout and left to cure. 
 
4. Steps 2 and 3 were repeated for Panel 2, except that Joint 1 (corresponding to Floor 
1) had a thickness of 0.5 in. instead of 1 in. 
 
5. All PT bars were carefully installed to avoid damaging the PT bar strain gages or 
the wires (see Section 5.2.8 for a description of instrumentation). 
 
6. Steps 2 and 3 were repeated for Panel 3, Panel 4, and for the loading block, except 
that Joints 2, 3, and 4 (corresponding to Floors 2, 3, and 4, respectively) were all 0.5 
in. thick.  The bracing pads for Panels 3 and 4 were larger than for Panels 1 and 2 
(see Figure 5.11) and had two bracing rods per brace. 
7. The filler panel and the extension panel were then placed and grouted into place. 
 
8. The gravity load bars were introduced through the loading block and through each 
of the slotted holes in the guide beams.  The gravity load bars were coupled to 
shorter bars extending up from within the foundation. 
 
9. All forms were stripped.  The temporary wood shims used at the ends of the wall in 
the base joint and in Joint 1 were removed, and the resulting voids were patched 
using a fiber reinforced grout. 
 
10. The bolts that were holding up the steel bracing plates to the guide beam flanges 
were removed.  The bracing rods were stressed to 15 kips each and the aluminum 
shims were removed. 
 
All test wall components for TW1 and TW2 were grouted together along horizontal joints 
using Dayton Superior Corporation (DSC) 1107 Advantage Grout.  According to DSC’s 
product information on non-shrink grouts (DSC, 2000), the specified compressive 
strength of this grout at 28 days is 7.5 ksi.  For TW3 through TW5, the horizontal joints 
were grouted using DSC’s Sure-Grip High Performance Grout, which has a 28-day 
compressive strength of 10 ksi.  A stronger grout was required for TW3 through TW5 
because these walls were fabricated using stronger concrete ( 8=′cf ksi) than that used in 
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TW1 and TW2 ( 6=′cf ksi).  To reduce the amount of deterioration in the bottom two 
grouted joints (i.e., the base joint between the disposable block and Panel 1, and Joint 1 
located at floor level 1), 0.75-in.-long Super 6 Nylon Fibers (Columbian Concrete Fibers) 
were mixed into the grout prior to placement, at a dosage of three pounds per cubic yards 
of grout.  All other joints did not contain fibers. 
 
5.2.8 Instrumentation and Data Acquisition 
Figure 5.21 shows the locations and designations of the following instruments, which 
were the same for all the test walls: lateral load cell (Lat LC); gravity load cells, located 
on the north and south sides of the wall, (Grav LC-N and Grav LC-S, respectively); 
lateral displacement instruments at each floor level (Floor 1 LVDT, Floor 2 LVDT, and 
Floor 3 LVDT); lateral displacement instruments at the loading block level (LB SP-N, 
LB LVDT-N, LB SP-S, LB LVDT-S); lateral displacement instruments at the top of the 
extension panel (Ext Pnl SP and Ext Pnl LVDT); rotation meters (RMB, RM lw/2, RM 
Floor 1, and RM Floor 2); and vertical displacement instruments attached to the east and 
west ends of the loading block (LBYE and LBYW, respectively), which are used to 
calculate the in-plane rotation of the loading block, θLB.  The following instruments are 
also used in all the test walls, but are not shown in Figure 5.21: vertical displacement 
instruments attached to each of the four corners of the disposable block (DB-NE, DB-
NW, DB-SE, DB-SW) to measure any uplift of the disposable block relative to the top 
edge of the large foundation piece; and horizontal displacement instruments attached to 
the large foundation piece on the north and west ends of the disposable block (DB-N and 
DB-W, respectively) to measure any horizontal slip of the disposable block, in two 
orthogonal directions, relative to the large foundation piece. 
 
Figures 5.22 through 5.29 show the instrumentation of the base panel of TW1, as seen 
from the north.  Figure 5.22 shows the locations of confined concrete strain gages, which 
were attached to No. 4 bars running vertically within the confined portions of the base 
panel (e.g., see Figure 5.17(b)).  The strain measurements thus obtained are assumed to 
represent the confined concrete strains, based on the concept of strain compatibility.  
Figure 5.23 shows the locations of mesh strain gages, which were attached directly to the 
welded wire mesh.  Figure 5.24 shows the locations of spiral strain gages, which were 
attached to the outer surface of the spiral confining reinforcement.  The cover concrete 
strain gage locations are shown in Figure 5.25.  It is noted that cover concrete strain 
gages with an “L” in their designation (e.g., EXTGL-E1) represent strain gages that are 
2.5 in. long, whereas all other strain gages are 0.5 in. long.  In Figure 5.25, gages 
EXTGL-E1, EXTGL-E2, and EXTGL-E3 are located on the east face of the panel, while 
EXTG-W is located on the west face.  Figure 5.26 shows the locations of displacement 
instruments used to measure the gap opening width along the base of TW1.  Figure 5.27 
shows the locations of displacement instruments used to measure the deformations in the 
base panel of TW1.  The base panel deformations are measured between threaded rod 
inserts that were either cast into the panel core and extend beyond the north face of the 
panel (shown numbered 1 through 17 in Figure 5.27) or that were epoxied to the surface 
of the panel after the wall was erected (numbered 1a, 6a, 9a, and 13a in Figure 5.27).  All 
panel deformation measurements were taken vertically between the inserts, except for 
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two diagonal measurements obtained using PD18 and PD19.  The horizontal and vertical 
dimensions between the inserts for TW1 are shown in Figures 5.28 and 5.29, 
respectively.  Lastly, Figure 5.30 shows the locations of the PT bar strain gages for TW1. 
 
The instrumentation for TW2 (Figures 5.31 through 5.39), TW3 (Figures 5.40 through 
5.48), TW4 (Figures 5.49 through 5.57), and TW5 (Figures 5.58 through 5.66) is the 
same as that for TW1, except that the instrumentation in TW2 through TW5 is distributed 
symmetrically about the panel centerline because these walls were tested under cyclic 
lateral loading.  In addition, TW3 through TW5, which have different reinforcement 
details than TW1 and TW2, have horizontal steel strain gages (e.g., Figure 5.41) instead 
of mesh strain gages (e.g., Figure 5.32), and hoop strain gages (e.g., Figure 5.42) instead 
of spiral strain gages (e.g., Figure 5.33). 
 
During each test, the data from all the instrumentation was recorded using a computer-
based data acquisition system.  The signals from the instruments were amplified as 
required (load cells, strain gages, and rotation meters only) and digitized using a 12 bit 
analog-to-digital converter board located inside the computer.  All channels were read 
and recorded each time data was to be saved.  Each datum represents the average of 5 
samples taken at a speed of about 1000 samples per second.  The dicision to sample and 
record data was based on selected trigger channels and trigger intervals that could be 
adjusted during the tests.  The primary trigger channels used for recording data were the 
channels corresponding to the lateral load cell and the lateral displacement instruments at 
the loading block level.  Pertinent data for monitoring the test walls was displayed on the 
computer monitor during each test. 
 
5.2.9 Application of Prestressing Forces 
The prestressing forces on each test wall were applied one PT bar at a time using the 
stressing apparatus shown in Figure 5.67.  The actuator used for applying the prestressing 
forces was a 150-ton capacity hydraulic hollow-core actuator.  The same pump used to 
control the gravity load on the test walls was used to control the amount of prestressing in 
each PT bar.  During each prestressing operation, the pump pressure and the strains in the 
PT bar being stressed (referred to as the interior PT bar in this discussion) were 
monitored to ensure that the correct level of prestressing was applied.   
 
As shown in 5.67(b), as the actuator plunger extends, it pushes on anchor plate A and 
anchor nut A.  This is accompanied by an equilibrating compressive force on anchor plate 
B, located at the top of the wall (i.e., the extension panel for the test walls).  Thus, as the 
actuator plunger extends, it pulls on the external PT bar, which is coupled to the internal 
PT bar (see Figure 5.67(b)) and simultaneously pushes on the wall, causing the wall to 
shorten elastically.  Once the desired prestress force is reached in the interior PT bar, 
anchor nut B is tightened and the pump pressure is released.  At this point, the external 
PT bar becomes unstressed and the stress in the internal PT bar is reduced due to seating 
of anchor nuts B and C on anchor plates B and C, respectively.   
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The force remaining in the internal PT bar after seating losses is defined as the initial 
prestress force in the PT bar.  Horan (2002) presents results for experimentally-obtained 
anchorage seating losses for the same anchorages used in the present research project.  
Based on Horan’s results, the estimated prestress loss in a PT bar due to seating of the 
anchorages is approximately equal to 5% of the applied prestress level.  Therefore, to 
achieve the correct target initial prestress in the PT bars, the applied stress prior to 
releasing the pump pressure exceeded the target stress by approximately 5%.  The strain 
gages in the PT bars were monitored to ensure that the correct initial prestress remained 
in the PT bars after releasing the pump pressure.  Chapter 6 explains the prestressing 
sequence for each test wall and presents relevant results. 
 
5.3 TEST PROCEDURE 
After each test wall was erected as described in Section 5.2.7, all of the instrumentation 
was attached to the wall and its proper operation was verified using the data acquisition 
system.  Before applying any prestressing forces on the wall, initial readings were 
recorded for all instruments using the data acquisition system.  The wall was then 
prestressed one PT bar at a time and data were recorded throughout the entire prestressing 
operation.  After prestressing of the wall was completed, the safety hood shown in Figure 
5.68 was attached to the top of the extension panel to contain any PT bars in the event of 
a PT bar fracture.  Data were recorded at the completion of the prestressing operation and 
at the end of the safety hood attachment.  The self weight of the safety hood (i.e., 0.4 
kips) had a negligible effect on all instrument readings.   
 
Next, the lateral load actuator was raised to a horizontal position using a crane until the 
actuator was attached to the west end of the loading block.  The lateral load actuator was 
then released by the crane, at which point approximately 1.6 kips of the actuator self-
weight were transferred to the west end of the loading block.  The corresponding 
overturning moment generated at the base of the wall was 172.8 kip-in., which is 1% of 
the moment capacity of the strongest test wall, and 1.6% of the moment capacity of the 
weakest test wall.  Data were recorded for all instruments after the actuator was attached 
to the loading block and released by the crane.  At this point, the test wall was ready for 
testing. 
 
First, the gravity load was applied while data were recorded.   The test wall was then 
subjected to a series of low-amplitude elastic cycles in both directions at a displacement 
rate of approximately 0.01 in. per minute.  The amplitudes of the elastic cycles were 
small enough to prevent the wall from decompressing at the base.  At the end of the 
elastic test, the data were analyzed to confirm that all instruments were operating 
properly.  Typically, the prestressing operation, the lateral load attachment, and the 
elastic test were all performed on the same day.  The subsequent test to failure was 
performed on the following day, provided there were no problems with the equipment.   
 
The test walls were loaded laterally using a displacement control approach, where the 
walls were subjected to various lateral drift cycles as identified in Chapter 6.  All tests 
were performed in a quasi-static manner until the walls failed.  The duration of the 
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monotonic test was 5.5 hours, while the durations of the cyclic tests were between 10 and 
16.5 hours.  During each test, photographs were taken to document the wall behavior at 
various limit states. 
 
Figure 5.69(a) is a plot of an idealized measurement (e.g., axial panel deformation 
measurement) versus time, which summarizes the various stages during which data were 
recorded for all the test walls.  As shown in Figure 5.69(a), the first stage of data 
recording corresponds to the prestressing operation, between time A and time B.  The 
second stage of data recording occurs between time B and time C (i.e., after the 
application of prestress forces but prior to the attachment of the lateral load actuator).  
Any changes in the measurement between time B and time C are attributed to concrete 
creep under prestress forces.  The third stage of data recording occurs between time C 
and time D, during which the lateral load actuator is attached to the loading block.  The 
fourth stage of data recording occurs between time D and time E, during which the 
superimposed gravity load is applied.  Finally, the fifth state of data recording occurs 
during the lateral load test. 
 
As noted above, initial readings were recorded for all instruments prior to the application 
of prestress forces (i.e., at time A).  The initial value recorded for every instrument 
(except for the lateral load cell) at time A is later subtracted from all subsequent readings.  
This procedure (referred to as referencing) causes the readings of strain, displacement, 
and rotation, to include the effects of prestressing and of the applied gravity and lateral 
loads, but not of the test wall self-weight.  For the lateral load cell, the initial value 
recorded at time D is used to reference the applied lateral load.  It is noted that the effect 
of creep was eliminated from measurements of strain, displacement, and rotation so that 
the lateral load test results would only reflect the effects of prestress forces, superimposed 
gravity loads, and lateral loads.  As shown in Figure 5.69(b), the effect of creep was 
eliminated by offsetting the data at and beyond time C by the change observed between 
time B and time C.  That is, the data were adjusted such that the measurements at time C 
were equal to the measurements at time B, and subsequent measurements were adjusted 
by the same increment.  Data adjustments were not made for the PT bar strain gages 
because doing so would result in an incorrect modification of the PT bar force.  
Moreover, the gravity load cells and the lateral load cell were not adjusted to eliminate 
the effects of concrete creep because these instruments did not record data until after time 
C, after the effects of concrete creep had been observed. 
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Table 5.1. Properties of the spiral confined scaled prototype wall. 
Length, lw 100 in. 
Height, Hw = Hunb 390 in. 
Thickness, tw 6 in. 
Confined length, lcr  26.75 in. 
Confined height, hcr 65 in. 
Confined thickness, wt ′′  4 in. 
Critical crushing height, Hcr 8 in. 
Stories, r 6 
Floor height ratios: rH1; rH2;  
                      rH3; rH4; rH5; rHr 
0.167; 0.333; 
0.5; 0.667; 0.833; 1.0 
Aw,net 558.4 in.2 
Iw 4.924 x 105 in.4 
Wall 
Parameters 
wA′  465.4 in.2 
Ap1 + Ap2 + Ap3 = Ap (2.5 + 2.5 + 2.5) in.2 = 7.5 in.2
ep 17.25 in. 
Ep 29000 ksi 
fpy 120 ksi 
fpu 160 ksi 
fp1i = fp2i = fp3i = 0.553fpu 88.5 ksi 
T1i = T2i = T3i 221.2 kips 
Prestress 
Parameters 
fci,p = (T1i + T2i + T3i)/Aw,net 1.19 ksi 
fsy 60 ksi Spiral Steel 
Properties fsu 90 ksi 
cf ′  6 ksi 
Ec 4415 ksi 
Gc 1920 ksi 
Volumetric ratio: ρsp 7.39% 
ccf ′  14 ksi 
Concrete 
Properties 
εcu 0.102 in./in. 
N  173.4 kips 
eNi (for i = 1 to r) 0 in. Load 
Parameters Floor lateral load ratios: rF1; rF2; 
                        rF3; rF4; rF5; rFr 
0.048;0.097;  
0.146; 0.195; 0.244; 0.271 
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Table 5.2. Properties of the hoop confined scaled prototype wall. 
Length, lw 100 in. 
Height, Hw = Hunb 390 in. 
Thickness, tw 6 in. 
Confined length, lcr 26.875 in. 
Confined height, hcr 65 in. 
Confined thickness, wt ′′  4.75 in. 
Critical crushing height, Hcr 9.5 in. 
Stories, r 6 
Floor height ratios: rH1; rH2;  
                      rH3; rH4; rH5; rHr 
0.167; 0.333; 
0.5; 0.667; 0.833; 1.0 
Aw,net 558.4 in.2 
Iw 4.924 x 105 in.4 
Wall 
Parameters 
wA′  465.4 in.2 
Ap1 + Ap2 + Ap3 = Ap (2.5 + 2.5 + 2.5) in.2 = 7.5 in.2
ep 17.25 in. 
Ep 29000 ksi 
fpy 120 ksi 
fpu 160 ksi 
fp1i = fp2i = fp3i = 0.553fpu 88.5 ksi 
T1i = T2i = T3i 221.2 kips 
Prestress 
Parameters 
fci,p = (T1i + T2i + T3i)/Aw,net 1.19 ksi 
fsy 60 ksi 
fsu 90 ksi 
Hoop Steel 
Properties εsf 0.13 in./in. 
cf ′  8 ksi 
Ec 5098 ksi 
Gc 2217 ksi 
Area ratios: ρh,lw; ρh,tw 2.47%; 1.75% 
ccf ′  13 ksi 
Concrete 
Properties 
εcu 0.059 in./in. 
N  173.4 kips 
eNi (for i = 1 to r) 0 in. Load 
Parameters Floor lateral load ratios: rF1; rF2;
                        rF3; rF4; rF5; rFr 
0.048; 0.097; 
0.146; 0.195; 0.244; 0.271 
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Table 5.3. Estimated seismic capacities and demands for the spiral confined scaled 
                      prototype wall. 
 
Seismic Design 
Criteria 
(Section 3.2) 
Capacity Demand 
Criterion 1 R
Q
VV ddddell αα =⋅≥
(Eqn. 3-1) 
=ellV 108.6 kips 
(Eqn. 2-15 ) 
65.0=dα  
=dQ 561 kips 
=R 5.5 
=dV 102 kips 
=⋅ dd Vα 66 kips 
Criterion 2 dllpf
VVΦ ≥  
(Eqn. 3-2) 
=fΦ 0.9 
=llpV 143.5 kips 
=⋅ llpf VΦ 129 kips 
(Eqn. 2-25 ) 
=dV 102 kips 
Criterion 3 dllp
ΘΘ ≥  
(Eqn. 3-3) 
=llpΘ 1.11% 
(Eqn. 2-30) 
=dΘ 0.85% 
(Eqn. 3-9) 
Criterion 4 dall
δδ ≥  
(Eqn. 3-4) 
=allδ 2.0% 
(IBC-2003 and 
ASCE 7-02 (2003))
=dδ 0.94%* 
(Eqn. 3-10) 
Criterion 5 mccc
ΘΘ ≥  
(Eqn. 3-5) 
=cccΘ 4.27% 
(Eqn. 2-36) 
dmm ΘΘ ⋅= α  
=mα 2.5 
=mΘ 2.13% 
(Eqn. 3-12) 
Criterion 6 cccfp
ΘΘ >  
(Eqn. 3-6) 
=fpΘ 73.5% 
(Eqn. 2-40) 
=cccΘ 4.27% 
(Eqn. 2-36) 
Criterion 7 gm
ΘΘ ≤  
(Eqn. 3-7) 
=mΘ 2.13% 
(Eqn. 3-12) 
=gΘ 2.5% 
(Kurama et al. 1999a)
  * maximum of story drifts computed for all stories (corresponding to drift of story 6). 
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Table 5.4. Estimated seismic capacities and demands for the hoop confined scaled 
                      prototype wall. 
 
Seismic Design 
Criteria 
(Section 3.2) 
Capacity Demand 
Criterion 1 R
Q
VV ddddell αα =⋅≥
(Eqn. 3-1) 
=ellV 118.9 kips 
(Eqn. 2-15 ) 
65.0=dα  
=dQ 561 kips 
=R 5.5 
=dV 102 kips 
=⋅ dd Vα 66 kips 
Criterion 2 dllpf
VVΦ ≥  
(Eqn. 3-2) 
=fΦ 0.9 
=llpV 147.2 kips 
=⋅ llpf VΦ 132.4 kips
(Eqn. 2-25 ) 
=dV 102 kips 
Criterion 3 dllp
ΘΘ ≥  
(Eqn. 3-3) 
=llpΘ 1.05% 
(Eqn. 2-30) 
=dΘ 0.74% 
(Eqn. 3-9) 
Criterion 4 dall
δδ ≥  
(Eqn. 3-4) 
=allδ 2.0% 
(IBC-2003 and 
ASCE 7-02 (2003)) 
=dδ 0.83%* 
(Eqn. 3-10) 
Criterion 5 mccc
ΘΘ ≥  
(Eqn. 3-5) 
=cccΘ 3.31% 
(Eqn. 2-36) 
dmm ΘΘ ⋅= α  
=mα 2.5 
=mΘ 1.85% 
(Eqn. 3-12) 
Criterion 6 cccfp
ΘΘ >  
(Eqn. 3-6) 
=fpΘ 69.6% 
(Eqn. 2-40) 
=cccΘ 3.31% 
(Eqn. 2-36) 
Criterion 7 gm
ΘΘ ≤  
(Eqn. 3-7) 
=mΘ 1.85% 
(Eqn. 3-12) 
=gΘ 2.5% 
(Kurama et al. 1999a)
 * maximum of story drifts computed for all stories (corresponding to drift of story 6). 
 
 
 
 
 
 
 
 
  
5-25
Table 5.5. Test matrix. 
Ap fci,p Confinement Ratio (%)Test 
Number 
Wall 
I.D. Loading (in.2)
fpi/fpu 
(ksi)
Confinement
Type ρsp ρh,lw ρh,tw 
PT bar arrangement*
1 TW1 monotonic 7.50 0.553 1.19 spirals 7.39 - - xx  xox  xx 
2 TW2 cyclic 7.50 0.553 1.19 spirals 7.39 - - xx  xox  xx 
3 TW3 cyclic 7.50 0.553 1.19 hoops - 2.47 1.75 xx  xox  xx 
4 TW4 cyclic 7.50 0.277 0.59 hoops - 2.47 1.75 xx  xox  xx 
5 TW5 cyclic 3.75 0.553 0.59 hoops - 2.47 1.75 xo  oxo  ox 
             * x = bar; o = no bar. 
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Table 5.6. TW1 and TW2 properties. 
Length, lw 100 in. 
Height, Hw = Hact 284.75 in. 
Unbonded height, Hunb 390 in. 
Thickness, tw 6 in. 
Confined length, lcr  26.75 in. 
Confined height, hcr 65 in. x 2 = 130 in. 
Confined thickness, wt ′′  4 in. 
Critical crushing height, Hcr 8 in. 
Stories, r  4 panels + ½ loading block  = 5 
Floor height ratios: rH1; rH2;  
                      rH3; rH4; rHr 
0.2283; 0.4565; 
0.6848; 0.9131; 1.0 
Aw,net 558.4 in.2 
Iw 4.924 x 105 in.4 
Wall 
Parameters 
wA′  465.4 in.2 
Ap1 + Ap2 + Ap3 = Ap (2.5 + 2.5 + 2.5) in.2 = 7.5 in.2
ep 17.25 in. 
Ep 29000 ksi 
fpy 120 ksi 
fpu 160 ksi 
fp1i = fp2i = fp3i = 0.553fpu 88.5 ksi 
T1i = T2i = T3i 221.2 kips 
Prestress 
Parameters 
fci,p = (T1i + T2i + T3i)/Aw,net 1.19 ksi 
fsy 60 ksi Spiral Steel 
Properties fsu 90 ksi 
cf ′  6 ksi 
Ec 4415 ksi 
Gc 1920 ksi 
Volumetric ratio: ρsp 7.39% 
ccf ′  14 ksi 
Concrete 
Properties 
εcu 0.102 in./in. 
N  173.4 kips 
eNi (for i = 1 to r) 0 in. Load 
Parameters Floor lateral load ratios: rF1; rF2; 
                                               rF3; rF4; rFr
0.0; 0.0; 
0.0; 0.0; 1.0 
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Table 5.7. TW3 properties. 
Length, lw 100 in. 
Height, Hw = Hact 284.75 in. 
Unbonded height, Hunb 390 in. 
Thickness, tw 6 in. 
Confined length, lcr  26.875 in. 
Confined height, hcr 65 in. x 2 = 130 in. 
Confined thickness, wt ′′  4.75 in. 
Critical crushing height, Hcr 9.5 in. 
Stories, r  4 panels + ½ loading block  = 5 
Floor height ratios: rH1; rH2;  
                      rH3; rH4; rHr 
0.2283; 0.4565; 
0.6848; 0.9131; 1.0 
Aw,net 558.4 in.2 
Iw 4.924 x 105 in.4 
Wall 
Parameters 
wA′  465.4 in.2 
Ap1 + Ap2 + Ap3 = Ap (2.5 + 2.5 + 2.5) in.2 = 7.5 in.2
ep 17.25 in. 
Ep 29000 ksi 
fpy 120 ksi 
fpu 160 ksi 
fp1i = fp2i = fp3i = 0.553fpu 88.5 ksi 
T1i = T2i = T3i 221.2 kips 
Prestress 
Parameters 
fci,p = (T1i + T2i + T3i)/Aw,net 1.19 ksi 
fsy 60 ksi 
fsu 90 ksi 
Hoop Steel 
Properties εsf 0.13 in./in. 
cf ′  8 ksi 
Ec 5098 ksi 
Gc 2217 ksi 
Area ratios: ρh,lw; ρh,tw 2.47%; 1.75% 
ccf ′  13 ksi 
Concrete 
Properties 
εcu 0.059 in./in. 
N  173.4 kips 
eNi (for i = 1 to r) 0 in. Load 
Parameters Floor lateral load ratios: rF1; rF2; 
                               rF3; rF4; rFr 
0.0; 0.0; 
0.0; 0.0; 1.0 
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Table 5.8. TW4 properties. 
Length, lw 100 in. 
Height, Hw = Hact 284.75 in. 
Unbonded height, Hunb 390 in. 
Thickness, tw 6 in. 
Confined length, lcr  26.875 in. 
Confined height, hcr 65 in. x 2 = 130 in. 
Confined thickness, wt ′′  4.75 in. 
Critical crushing height, Hcr 9.5 in. 
Stories, r  4 panels + ½ loading block  = 5 
Floor height ratios: rH1; rH2;  
                      rH3; rH4; rHr 
0.2283; 0.4565; 
0.6848; 0.9131; 1.0 
Aw,net 558.4 in.2 
Iw 4.924 x 105 in.4 
Wall 
Parameters 
wA′  465.4 in.2 
Ap1 + Ap2 + Ap3 = Ap (2.5 + 2.5 + 2.5) in.2 = 7.5 in.2
ep 17.25 in. 
Ep 29000 ksi 
fpy 120 ksi 
fpu 160 ksi 
fp1i = fp2i = fp3i = 0.277fpu 44.3 ksi 
T1i = T2i = T3i 110.6 kips 
Prestress 
Parameters 
fci,p = (T1i + T2i + T3i)/Aw,net 0.59 ksi 
fsy 60 ksi 
fsu 90 ksi 
Hoop Steel 
Properties εsf 0.13 in./in. 
cf ′  8 ksi 
Ec 5098 ksi 
Gc 2217 ksi 
Area ratios: ρh,lw; ρh,tw 2.47%; 1.75% 
ccf ′  13 ksi 
Concrete 
Properties 
εcu 0.059 in./in. 
N  173.4 kips 
eNi (for i = 1 to r) 0 in. Load 
Parameters Floor lateral load ratios: rF1; rF2; 
                                              rF3; rF4; rFr 
0.0; 0.0;  
0.0; 0.0; 1.0 
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Table 5.9. TW5 properties. 
Length, lw 100 in. 
Height, Hw = Hact 284.75 in. 
Unbonded height, Hunb 390 in. 
Thickness, tw 6 in. 
Confined length, lcr  26.875 in. 
Confined height, hcr 65 in. x 2 = 130 in. 
Confined thickness, wt ′′  4.75 in. 
Critical crushing height, Hcr 9.5 in. 
Stories, r  4 panels + ½ loading block  = 5 
Floor height ratios: rH1; rH2;  
                      rH3; rH4; rHr 
0.2283; 0.4565; 
0.6848; 0.9131; 1.0 
Aw,net 558.4 in.2 
Iw 4.924 x 105 in.4 
Wall 
Parameters 
wA′  465.4 in.2 
Ap1 + Ap2 + Ap3 = Ap (1.25 + 1.25 + 1.25) in.2 = 3.75 in.2 
ep 20 in. 
Ep 29000 ksi 
fpy 120 ksi 
fpu 160 ksi 
fp1i = fp2i = fp3i = 0.553fpu 44.3 ksi 
T1i = T2i = T3i 110.6 kips 
Prestress 
Parameters 
fci,p = (T1i + T2i + T3i)/Aw,net 0.59 ksi 
fsy 60 ksi 
fsu 90 ksi 
Hoop Steel 
Properties εsf 0.13 in./in. 
cf ′  8 ksi 
Ec 5098 ksi 
Gc 2217 ksi 
Area ratios: ρh,lw; ρh,tw 2.47%; 1.75% 
ccf ′  13 ksi 
Concrete 
Properties 
εcu 0.059 in./in. 
N  173.4 kips 
eNi (for i = 1 to r) 0 in. Load 
Parameters Floor lateral load ratios: rF1; rF2; 
                                              rF3; rF4; rFr 
0.0; 0.0;  
0.0; 0.0; 1.0 
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Table 5.10. Predicted results using closed-form expressions. 
Wall 
I.D. 
Vdec 
(kips) 
Θdec
(%) 
Vell 
(kips)
Θell 
(%) 
Vllp 
(kips)
Θllp 
(%) 
Vccc 
(kips) 
Θccc 
(%) 
TW1, TW2 49.0 0.07 106.8 0.15 141.0 1.08 141.0 4.24 
TW3 49.0 0.06 116.8 0.14 144.6 1.03 144.6 3.29 
TW4 29.6 0.04 73.9 0.09 136.5 2.15 136.5 3.66 
TW5 29.6 0.04 73.9 0.09 92.6 0.82 92.6 5.42 
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Table 5.11. Fabrication schedule. 
Test Wall 
Component Use 
Fabricator 
(date) 
cf ′     
(ksi)
Confinement 
Type 
Post-test 
Assessment 
Large foundation, 
loading block, filler 
panel, extension 
panel 
all tests HCSI 
(Nov.1997)
6 N/A undamaged 
1 TW1-TW4 
HCSI 
(Nov.1997)
6 N/A replaced after TW4 Disposable 
blocks 
2 TW5 HCSI (Nov.1997) 6 N/A undamaged 
A TW1 Lehigh (Jul.1998) 6 spirals damaged* 
B TW2 Lehigh (Jul.1998) 6 spirals damaged* 
C TW3 Lehigh (Jun.2002) 8 hoops damaged* 
D TW4 Lehigh (Aug.2002) 8 hoops damaged* 
Panel 1 
 
(Instrumented)  
E TW5 Lehigh (Aug.2002) 8 hoops damaged* 
F TW1-TW2 
Lehigh 
(Jul.1998) 6 spirals 
TW1-cracked, 
repaired; TW2-
damaged 
G TW3-TW4 
Lehigh 
(Jun.2002) 8 hoops 
TW3-
undamaged; 
TW4-spalled
Panel 2 
H TW5 Lehigh (Aug.2002) 8 hoops spalled 
Panel 3 all tests HCSI (Nov.1997) 6 unconfined undamaged 
Panel 4 all tests HCSI (Nov.1997) 6 unconfined undamaged 
   * See Chapter 6 for a description. 
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Figure 5.1 Full-scale prototype wall versus scaled prototype walls: (a), (b) elevation;
                 (c), (d), (e) half of the cross-section near the base (enlarged).
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Figure 5.2. Reinforcement details of scaled spiral confined wall panel:
                  (a) elevation; (b) cross-section.
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Figure 5.3. Reinforcement details of scaled hoop confined wall panel:
                  (a) elevation; (b) cross-section.
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Figure 5.4. Reinforcement details of scaled unconfined wall panel:
                  (a) elevation; (b) cross-section.
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Figure 5.5. Concrete compressive stress-strain relationships for the spiral
                   confined scaled prototype wall.
Figure 5.6. Stress-strain relationship for typical Grade 60 steel reinforcement used
                  in hoop confined scaled prototype wall (adapted from Nilson 1997).
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Figure 5.7. Concrete compressive stress-strain relationships for the hoop
                   confined scaled prototype wall.
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Figure 5.8. Base shear and roof drift capacities and demands for the
                  spiral confined scaled prototype wall.
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Figure 5.9. Base shear and roof drift capacities and demands for the
                  hoop confined scaled prototype wall.
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Figure 5.10. Elevation view: (a) full-scale prototype wall; (b) scaled  wall; 
                    (c) test wall.
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Figure 5.11. Isometric view of a typical test wall (test fixture not shown for clarity).
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Figure 5.12. Lateral load responses of spiral confined scaled prototype wall
                    under a distributed lateral load and an equivalent lateral load.
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Figure 5.13. Plan view of test fixture.
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Figure 5.14. Elevation view of test fixture.
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Figure 5.15. East end view showing a typical wall panel bracing detail.
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Figure 5.16. Predicted lateral load response curves for TW1 - TW5.
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Figure 5.17. Typical reinforcement cage for spiral confined scaled wall panels
                     of TW1 and TW2: (a) overall view; (b) confinement cross-section. 
(a)
(b)
(a)
(b)
Figure 5.18. Typical reinforcement cage for hoop confined scaled wall panels
                     of TW3 - TW5: (a) overall view; (b) confinement cross-section. 
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Figure 5.19. Repair of void in Panel 1C: (a) void along west side bottom edge,
                    in hoop confined region; (b) bonding agent on void surface; 
                    (c) repaired void.
5-48
TW1
Panel 2F
Panel 1A
Joint 1
crack
(marked 
on photo
for clarity)
east
north
Figure 5.20. Cracking in Panel 2F at the end of Test 1.
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Figure 5.21. Typical instruments used to measure lateral displacements,
                     in-plane rotations, and loads.
east west
2.5"
(typ.)
8" 8"
12"
16"
8" 8"
16" (typ.)
16" (typ.)
16" (typ.)
12" (typ.)
16"
8" 8" 8"
24"
8" 8"
16"
8" 8" 8" 8"
ME1 ME2 ME3
ME10 ME11 ME12
ME4 ME5 ME6 ME13
ME14 ME15 ME16
ME17 ME7 ME8 ME9 ME18
CE1
CE2
CE3
CE4
CE5
CE6
CE7
CW1
CW2
CW3
3.75"4.75"
east west
4.5"
5.75"5.25"3.75" 6.5"
4"
12"
4.25"
11.25"
Figure 5.22. TW1 - confined concrete strain gages.
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Figure 5.23. TW1 - mesh strain gages.
5-51
Figure 5.24. TW1 - spiral strain gages.
Figure 5.25. TW1 - cover concrete strain gages.
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Figure 5.26. TW1 - gap opening instruments.
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Figure 5.27. TW1 - base panel deformation instruments.
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Figure 5.29. TW1 - base panel insert locations (vertical dimensions).
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Figure 5.28. TW1 - base panel insert locations (horizontal dimensions).
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Figure 5.30. TW1 - PT bar strain gages.
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Figure 5.31. TW2 - confined concrete strain gages.
Figure 5.32. TW2 - mesh strain gages.
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Figure 5.33. TW2 - spiral strain gages.
Figure 5.34. TW2 - cover concrete strain gages.
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Figure 5.35. TW2 - gap opening instruments.
Figure 5.36. TW2 - base panel deformation instruments.
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Figure 5.37. TW2 - base panel insert locations (horizontal dimensions).
Figure 5.38. TW2 - base panel insert locations (vertical dimensions).
13a1a 6a 9a 18a
13a1a 6a 9a 18a
5-58
PT1#2                                                     PT6#2
PT1#1  PT2#1  PT3#1  PT4#1  PT5#1  PT6#1
PT bar strain gage designations
PT1
PT2 PT3 PT4 PT5
PT6
PT1
PT2 PT3 PT4 PT5
PT6
PT1#3 PT6#3
EW
Figure 5.39. TW2 - PT bar strain gages.
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Figure 5.40. TW3 - confined concrete strain gages.
Figure 5.41. TW3 - horizontal steel strain gages.
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Figure 5.42. TW3 - hoop strain gages.
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Figure 5.43. TW3 - cover concrete strain gages.
Figure 5.44. TW3 - gap opening instruments.
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Figure 5.45. TW3 - base panel deformation instruments.
Figure 5.46. TW3 - base panel insert locations (horizontal dimensions).
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Figure 5.47. TW3 - base panel insert locations (vertical dimensions).
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Figure 5.48. TW3 - PT bar strain gages.
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Figure 5.49. TW4 - confined concrete strain gages.
Figure 5.50. TW4 - horizontal steel strain gages.
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Figure 5.51. TW4 - hoop strain gages.
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Figure 5.52. TW4 - cover concrete strain gages.
Figure 5.53. TW4 - gap opening instruments.
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Figure 5.54. TW4 - base panel deformation instruments.
Figure 5.55. TW4 - base panel insert locations (horizontal dimensions).
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Figure 5.56. TW4 - base panel insert locations (vertical dimensions).
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Figure 5.57. TW4 - Post-tensioning bar strain gages.
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Figure 5.58. TW5 - confined concrete strain gages.
Figure 5.59. TW5 - horizontal steel strain gages.
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Figure 5.60. TW5 - hoop strain gages.
east west
2.625"
(typ.) 2.25"3.375"
4"
4"
3.375"
4"
4"
0.438"
5.875"
2.125"
5.875" 5.875"
2.125"
5.875"
0.438"
3.75"
2.625"
(typ.)
3.75"
2.25"
hoop level 2
hoop level 4
hoop level 4
(top view)
hoop level 2
(top view)
east west
north
south
H
oo
p 
E1
Hoop E2
Hoop E3
H
oo
p 
E4
Hoop E6
Hoop E5
H
oo
p 
E7
Hoop E8
Hoop E9
H
oo
p 
E1
0
H
oo
p 
E1
1
H
oo
p 
E1
2
H
oo
p 
E1
3
H
oo
p 
E1
4
hoop strain gage 
designation (typ.)
H
oo
p 
W
10
Hoop W8
Hoop W9
H
oo
p 
W
7
Hoop W6
Hoop W5
H
oo
p 
W
4
Hoop W2
Hoop W3
H
oo
p 
W
1
H
oo
p 
W
14
H
oo
p 
W
13
H
oo
p 
W
12
H
oo
p 
W
11
east west
north
south
5-73
Figure 5.61. TW5 - cover concrete strain gages.
Figure 5.62. TW5 - gap opening instruments.
1"(typ.)
7.125"
50"
32.5"
east west
1"
12.5"
0.438"
12.5" 12.5" 12.5" 12.5" 12.5" 12.5" 12.5"
8.125"
16.25"
7.125"
8.125"
0.5"
16.25"
east
12.5"
west
18.75"
6.25"
12.5"
12.5"6.25"
18.75"12.5"
24" (typ.)
4.5" (typ.)
EXTG-2
EXTG-3
EXTG-4EXTG-5
EXTG-6
EXTG-7EXTG-8
EXTG-W
EXTGL-W2
EXTGL-W3
EXTGL-NW
EXTGL-SW
EXTG-E
EXTGL-E2
EXTGL-E3
EXTGL-NE
EXTGL-SE
EXTGL-NC
EXTGL-SC
GO1GO2GO3GO4GO5GO6GO7
GOE GOW
0.938"
2 gages at this elevation
(one on each side of panel)
5-74
east west
3.063"
23.563" 28.187" 20.938"
2.813"
21.563"
2.938"
2.5"
21.813" 23.75" 28" 21.438
2.5"
21.313" 23.688" 28.063" 21.125"
2.75"
3.563"
44.5" 49.125"
2.813"
3.563" 3.5"
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20
13a1a 6a 9a 18a
PD1
PD2
PD3
PD4
PD5
PD6
PD7
PD8
PD9
PD10
PD11
PD12
PD13
PD14
PD15
PD16
PD17PD18PD19
east west
PD22
PD21
PD201
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20
13a1a 6a 9a 18a
Figure 5.63. TW5 - base panel deformation instruments.
Figure 5.64. TW5 - base panel insert locations (horizontal dimensions).
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Figure 5.65. TW5 - base panel insert locations (vertical dimensions).
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Figure 5.66. TW5 - PT bar strain gages.
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Figure 5.67. PT bar stressing apparatus:(a) actual; (b) free-body diagram.
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 CHAPTER 6 
 
EXPERIMENTAL RESULTS 
 
This chapter presents the experimental lateral load results for TW1 through TW5.  
Section 6.1 identifies various response quantities that are used to describe the global 
lateral load response of the test walls.  In addition, Section 6.1 investigates whether the 
global measurements require corrections to account for large test wall lateral 
displacements.  Sections 6.2 through 6.6 discuss the experimental lateral load results 
separately for TW1 through TW5, respectively.  Section 6.7 compares the behavior of all 
the test walls and gives insight about the differences in the observed behavior.  Finally, 
Section 6.8 summarizes the chapter. 
 
6.1 GENERAL 
The following response quantities are used to describe the global lateral load response of 
the test walls: (1) lateral displacements along the wall height; (2) in-plane rotations along 
the wall height; and (3) force components of the lateral load actuator.  These response 
quantities are described using Figures 6.1 and 6.2, which are schematics of a test wall in 
its displaced configuration as it is loaded eastward and westward, respectively.   
 
Referring to Figure 6.1, the lateral load actuator exerts a compressive force, Vact (defined 
positive eastward), on the test wall, causing it to displace laterally to the east.  Figure 6.2 
shows that the lateral load actuator exerts a tensile force, Vact, on the test wall, causing it 
to displace laterally to the west.  During testing, Vact was measured using the load cell Lat 
LC, as shown in Figure 5.21.   
 
The lateral displacements along the height of the test wall (defined positive eastward) 
were measured at each floor level, at the mid-height of the loading block (referred to as 
the loading block level) and at the top of the extension panel using the lateral 
displacement instruments identified in Section 5.2.8 and shown in Figure 5.21.  Referring 
to Figures 6.1 and 6.2, the lateral displacements of Floor 1 through Floor 3, denoted as 
1∆ , 2∆ , and 3∆ , respectively, were measured using Floor 1 LVDT, Floor 2 LVDT, and 
Floor 3 LVDT, respectively.  The lateral displacement at the loading block level 
(corresponding to the level of the lateral load actuator), denoted as LB∆ , was obtained 
using four instruments; a string pot and an LVDT attached to the loading block on the 
north side of the test wall (LB SP-N and LB LVDT-N), and a string pot and an LVDT 
attached to the loading block on the south side of the test wall (LB SP-S and LB LVDT-
S).  These instruments were monitored during testing to ensure that the target lateral 
displacements of the test walls were reached.  It is noted that LB SP-S was used to 
determine LB∆  because this instrument never ran out of range during testing.   
 
As shown in Figures 6.1 and 6.2, the in-plane rotation of the test wall (defined positive 
clockwise looking north) was measured along the centerline at various heights using the 
rotation meters identified in Section 5.2.8 and shown in Figure 5.21.  The rotation at the 
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wall base, bθ , was measured using RMB, which was located 9 in. above the base of the 
wall.  The rotation 2/lwθ  represents the rotation of the wall at a height lw/2 (i.e., 50 in.) 
from the wall base and was measured using RM lw/2.  The rotations of Floors 1 and 2, θ1 
and θ2 were measured using RM Floor 1 and RM Floor 2, respectively.  The rotation at 
the centerline of the loading block, LBθ , is calculated using ExtPnl∆  and LB∆ , which were 
measured using instruments Ext Pnl SP and LB SP-N, respectively (see Figure 5.21).  
The vertical displacements at the ends of the loading block, LBYW∆  and LBYE∆ , obtained 
using instruments LBYW and LBYE, respectively (see Figure 5.21), were originally 
intended for the calculation of LBθ , but LBYW and LBYE ran out of range during 
testing.  Thus, LBθ  is calculated as: 



 −= −
LBR
LBExtPnl
LB h
∆∆1tanθ        (6-1) 
where LBRh  represents the height between instruments Ext Pnl SP and LB SP-S (i.e., 
76.625 in.).  Equation 6-1 treats the loading block, the filler panel, and the extension 
panel as a single rigid body. Equation 6-1 evaluates LBθ  accurately if the test wall lateral 
displacements are small. 
 
As shown in Figure 6.1, as the test wall is displaced laterally to the east, a gap of width 
GOW∆  (defined positive upward) is expected to develop along the base joint at the west 
end of the test wall.  Similarly, referring to Figure 6.2, as the test wall is displaced 
laterally to the west, a gap of width GOE∆  (defined positive upward) is expected to 
develop along the base joint at the east end of the test wall.  As will be discussed later, 
the gap opening widths GOW∆  and GOE∆  developed during testing due to gap opening 
behavior along the base joint.  GOW∆  and GOE∆  were measured using gap opening 
instruments GOW and GOE, respectively (see Figure 5.35).  The gap that developed 
along the base joint caused the test wall to undergo vertical translations which were 
magnified at the location of the actuator pin closest to the test wall (i.e., Pin 2 in Figures 
6.1 and 6.2).   
 
Figures 6.1 and 6.2, show that as the test wall was loaded laterally, Pin 2 translated 
horizontally by xact∆ ,  and vertically by yact∆ ,  to accommodate the test wall deformations.  
These translations caused the lateral load actuator to rotate by an angle actθ , measured 
relative to a horizontal reference line (shown dashed in Figures 6.1 and 6.2).  As a result, 
the actuator force, Vact, acting along the inclined axis of the actuator, can be resolved into 
a horizontal force component, Vx and vertical force component, Vy, where Vx represents 
the horizontal shear force exerted on the wall (referred to as the wall base shear).  For 
small test wall lateral displacements, actθ  can be calculated accurately as: 




+=
−
xactact
yact
act ∆l
∆
,
,1tanθ     (6-2) 
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where actl  represents the original lateral load actuator length (i.e., 122.25 in.) measured 
between actuator Pins 1 and 2 after the actuator was attached to the test wall, but prior to 
the application of any lateral load.  xact∆ ,  and yact∆ ,  are calculated as discussed later. 
 
Referring to Figures 6.1 and 6.2, as a test wall is loaded laterally, the horizontal 
measurements 1∆ , 2∆ , 3∆ , LB∆ , and ExtPnl∆ , which are initially made along horizontal 
lines (see dashed horizontal lines in Figures 6.1 and 6.2), are eventually made along 
inclined lines, whose angles measured relative to the horizontal lines are ∆1θ , ∆2θ , 3∆θ , 
∆LBθ , and ∆ExtPnlθ  for 1∆ , 2∆ , 3∆ , LB∆ , and ExtPnl∆ , respectively.  Similarly, the vertical 
measurements LBYW∆  and LBYE∆ , which are initially made along vertical lines (see dashed 
vertical lines in Figures 6.1 and 6.2), are eventually made along inclined lines whose 
angles measured relative to the vertical lines are LBYWθ  and LBYEθ  for LBYW∆  and LBYE∆ , 
respectively.   
 
For small test wall lateral displacements, the angles ∆1θ , ∆2θ , 3∆θ , ∆LBθ , ∆ExtPnlθ , LBYWθ , 
and LBYEθ  are small and the actual measurements (made along inclined lines) accurately 
capture the true horizontal and vertical test wall displacements.  However, for large test 
wall lateral displacements, ∆1θ , ∆2θ , 3∆θ , ∆LBθ , ∆ExtPnlθ , LBYWθ , and LBYEθ   are large and 
the actual measurements (made along inclined lines) no longer capture the true horizontal 
and vertical test wall displacements.  For large test wall lateral displacements, the 
measurements made along inclined lines must be corrected to capture the true horizontal 
and vertical test wall displacements. 
 
To evaluate whether the measurements needed to be corrected for all the test walls, the 
measurements made for TW5 were corrected and several key response quantities were 
calculated and compared to the same key response quantities determined using 
uncorrected measurements (i.e., assuming diagonal measurements acting along inclined 
lines represent true horizontal and vertical measurements).  TW5 data were selected for 
these comparisons because TW5 was subjected to the largest lateral displacements among 
the test walls, resulting in the largest errors between the key response quantities based on 
corrected and uncorrected data.   
 
The measurements for TW5 were corrected as follows.  The loading block, the filler 
panel, and the extension panel were treated as a single rigid body.  Several nonlinear 
equations based on rigid-body kinematics were solved simultaneously for small 
increments of displacements using two horizontal measurements (i.e., ExtPnl∆  and LB∆ ) 
and one vertical measurement (i.e., LBYW∆  while LBYE∆  was out of range or LBYE∆  while 
LBYW∆  was out of range) to define the trajectory of the rigid body.  The measurements 
were corrected at each displacement increment to determine the true horizontal and 
vertical translations of the rigid body, including xact∆ , , yact∆ , , and LB∆ , among others.  
These translations were used to compute the following key response quantities at each 
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displacement increment: the test wall lateral drift, Θ ; the actuator rotation, actθ ; the 
actuator force components, Vx and Vy; and the test wall base moment, Mb.   
 
The key response quantities (i.e., Θ, actθ , Vx, Vy, and Mb) based on uncorrected 
measurements are computed as follows.  It is assumed that the test wall lateral 
diplacements are small and that small-angle theory applies.  The test wall lateral drift, Θ 
is computed as: 
act
LB
H
∆Θ =      (6-3) 
where actH  represents the height of the actuator (i.e., 284.75 in.), measured from the wall 
base.  actθ  is calculated using Equation 6-2, where xact∆ ,  is assumed equal to LB∆ .  yact∆ ,  
is estimated assuming that the test wall pivots rigidly by an angle LBθ  about the NA 
location at the wall base.  Thus, yact∆ ,  is estimated as: 
LBRyact l∆ θ⋅=,          (6-4) 
where LBθ  is determined using Equation 6-1.  The term Rl  in Equation 6-4 represents the 
horizontal dimension between actuator Pin 2 and the estimated NA location along the 
wall base.  It is noted that the NA location continuously varies along the wall base as the 
test wall is displaced laterally.  For example, referring to Figure 6.1, when the test wall is 
loaded to the east, the NA is located to the east of the test wall centerline.  Conversely, 
when the test wall is loaded to the west, the NA is located to the west of the test wall 
centerline, as shown in Figure 6.2.  Test data from gap opening instruments (e.g., see 
Figure 5.35) indicated that, when the test walls reached their lateral drift capacity, the NA 
was located approximately 32 in. from the centerline of the test walls.  Thus, Rl  is 
estimated as: 
32
2
±= LBRR ll  in.          (6-5) 
where LBRl /2 represents the horizontal length between the test wall centerline and the 
center of actuator Pin 2 (i.e., 121.56 in.), as shown in Figures 6.1 and 6.2.  The terms in 
Equation 6-5 are added for eastward loading and are subtracted for westward loading.  
Referring to Figure 6.1, as the test wall is unloaded from a large eastward drift, the 
location of the NA gradually moves from the eastern portion of the test wall toward the 
centerline of the test wall (i.e., the 32-in. length used in Equation 6-5 approaches zero).  
At those small drifts, Equation 6-5 significantly overestimates Rl , which would appear to 
result in a miscalculation of yact∆ , .  However, yact∆ ,  is not affected by the overestimation 
of Rl  because at small lateral drifts, LBθ  approaches zero. 
 
The rotation of the actuator, actθ , is estimated based on uncorrected measurements using 
Equation 6-2.  The lateral load actuator force components Vx and Vy are calculated based 
on uncorrected measurements using actθ  and Vact.  Lastly, Mb is calculated based on 
uncorrected measurements as: 
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( )  −++= xactLBRyyactactxb ∆lV∆HVM ,, 2    (6-6) 
 
Figures 6.3 through 6.7 compare the key response quantities based on corrected and 
uncorrected data for TW5 as functions of scan number.  As shown in Figure 6.3, the 
lateral drift computed for TW5 using corrected and uncorrected measurements is the 
same through a drift of 6%.  Figure 6.4 shows that the rotation of the lateral load actuator, 
actθ , computed for TW5 using corrected and uncorrected measurements is the same, 
except that in the last three negative (i.e., westward) cycles at 6% drift, actθ  based on 
uncorrected measurements overestimates actθ  based on corrected measurements by 
10.8%.  Figure 6.5 shows that Vx (i.e., the wall base shear) is the same when determined 
using actθ  based on corrected and uncorrected measurements.  This occurs because actθ  is 
small.  However, Figure 6.6 shows that Vy is more significantly influenced by actθ  than 
Vx is.  For example, in Figure 6.6, for each of the three westward cycles at a drift of 6%, 
Vy based on uncorrected measurements overestimates Vy based on corrected 
measurements by 10.8% (the same result that was observed for actθ ).  However, referring 
to Figure 6.7, the wall base moment, Mb, is the same when computed based on corrected 
and uncorrected measurements.  The error in actθ  and Vy becomes negligible for Mb 
because Vy contributes less to Mb than does Vx. 
 
In summary, the results of Figures 6.3 through 6.7 indicate that uncorrected 
measurements can be used for all test walls to obtain key response quantities, such as the 
wall base shear, Vx (denoted hereafter as V) and the lateral drift (Θ), because the lateral 
displacements of the test walls are small.  Therefore, the results that follow for each test 
wall are based on uncorrected measurements. 
 
In general, a measurement (e.g., a strain ε) obtained using a given instrument (e.g., 
INSTR-i) is represented using the following notation: εINSTR-i in order to distinguish 
between the instrument and the measurement.  In addition, unless otherwise noted, if data 
appears to terminate prematurely in a plot, it is an indication that the instrument used to 
obtain that measurement either ran out of range or was damaged during testing. 
 
6.2 TEST WALL TW1 
This section presents the test results for TW1, which has its properties summarized in 
Tables 5.5 and 5.6.  Section 6.2.1 presents PT bar data that were collected during the 
prestressing of TW1.  Section 6.2.2 presents data that are used to describe the response of 
TW1 under monotonic lateral loading.  The data presented in this section for TW1 were 
obtained using selected instruments from those identified in Figures 5.21 through 5.30. 
 
6.2.1 Prestressing Data 
Table 5.5 identifies the PT bar arrangement for TW1, while Figure 5.30 shows the 
designations of all PT bars and PT bar strain gages.  As illustrated in Figure 5.30, TW1 
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had six PT bars, designated PT1 through PT6 in increasing order from the west end of the 
wall.  The prestressing forces on each test wall were applied one PT bar at a time, as was 
discussed in Section 5.2.9.  To prevent cracking in TW1 during the prestressing 
operation, the PT bars in TW1 were stressed in a specific order and to specific prestress 
levels, as shown in Figure 6.8.  Figure 6.8 shows the normalized initial stress (i.e., fpi/fpu 
where fpu = 160 ksi) in the PT bars of TW1 during prestressing of TW1.  The initial stress 
values plotted in Figure 6.8 were calculated from selected strain data obtained using the 
strain gages identified in Figure 5.30.  The target initial prestress level (i.e., fpi = 0.553fpu) 
is identified in the plot using a dashed horizontal line.   
Figure 6.8 shows that at the beginning of the prestressing operation, PT3 was stressed to 
0.58fpu.  This stress level represents the stress in PT3 during jacking and after nut B was 
tightened (see Figure 5.67).  Upon releasing the jacking force the stress in PT3 dropped 
slightly to 0.57fpu due to anchorage seating.  PT4, PT2, PT5, PT1, and PT6 were 
subsequently stressed in the same manner, as shown in Figure 6.8.  It is seen that TW1 
was stressed one PT bar at a time, beginning near the centerline of the wall.  Note that 
PT2, PT5, PT1, and PT6 were first stressed to approximately 0.3fpu before being stressed 
to the target initial prestress level.  This was done to avoid cracking the wall, since these 
PT bars had the largest eccentricities.  Furthermore, PT3 and PT4 (the first PT bars to be 
stressed) were restressed (see scan numbers 35 and 40) because the stressing operation 
caused the test wall to undergo elastic shortening, resulting in elastic shortening prestress 
losses in PT3 and PT4.  At the end of the prestressing operation, the average prestress in 
the PT bars was 0.566fpu; 2.4% greater than the intended target prestress level.   
 
The total elapsed time during prestressing of TW1 was four hours.  After TW1 was 
prestressed, data were collected at various time intervals for eight days to monitor the 
stress in the PT bars until TW1 was ready for testing.  An average prestress loss of 
0.014fpu (i.e., 2.5% of the applied prestress) was observed in the PT bars due to creep of 
TW1.  The average prestress in the PT bars prior to the application of gravity and lateral 
loads to TW1 was 0.552fpu. 
  
6.2.2 Lateral Load Response 
The lateral load response of TW1 is described using a plot of base shear versus lateral 
drift, as shown in Figure 6.9.  The base shear, V is represented by the horizontal 
component of the actuator force, Vx, while the lateral drift, ,Θ  is determined using 
Equation 6-3.  This is typical for all plots of base shear versus lateral drift that are 
presented for all the test walls.   
 
As shown in Figure 6.9, the lateral load response curve of TW1 exhibits repeated 
reductions in base shear, which occurred every time the test was paused and the gravity 
load was adjusted.  This is illustrated using Figure 6.10, which shows the variation in the 
gravity load, N supported by TW1 during testing.  N represents the sum of the estimated 
self-weight of TW1, Nsw (i.e., 53.9 kips) and the superimposed gravity load, Nact (applied 
using two gravity load actuators, as discussed in Section 5.2.1).  As shown in Figure 6.10, 
N fluctuated during testing because Nact fluctuated.  As will be shown later, the test wall 
underwent gap opening along the horizontal joint at the base, causing the wall to rise.  
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This rise in the test wall temporarily increased Nact by increasing the hydraulic pressure in 
the gravity load actuators.  Since the hydraulic fluid in the gravity load actuators could 
not be expelled through the lines at the same rate as the rise of the test wall, Nact increased 
until the gravity load pump pressure was manually adjusted, or the test was temporarily 
paused, at which point the hydraulic pressure in the gravity load actuators automatically 
stabilized to the initial target value.  Comparing Figures 6.9 and 6.10, it is seen that for 
every dip in the gravity load curve, there is an associated reduction in the base shear of 
the wall. 
As shown in Figure 6.9, limit states that were reached during testing of TW1 are plotted 
on the lateral load response curve.  The following discussion presents experimental data 
that confirms the occurrence of each limit state in the lateral load response of TW1.  The 
wall limit states were identified earlier in Section 2.3. 
 
PT Bar Stresses and Forces 
Figure 6.11(a) shows the normalized stress (i.e., fp/fpu where fpu = 160 ksi) and force in 
each of the PT bars in TW1, plotted versus lateral drift.  Figure 6.11(b) shows the stress-
strain behavior of the PT bars in TW1.  To obtain the data shown in Figure 6.11, 
calculations were performed on the PT bar strain gage data, as discussed next.  The stress 
was calculated from the strain measurement using an actual stress-strain curve for the PT 
bars (see Chapter 7).  The PT bar force was calculated using the nominal cross-sectional 
area of the PT bars (i.e., 1.25 in.2).  The data shown in Figure 6.11 are used to identify 
when and if each PT bar yielded during testing.  In addition, the PT bar forces shown in 
Figure 6.11 are used for equilibrium calculations to determine the magnitude and location 
of C, the compression resultant at the base of the test wall, for selected limit states.  
Referring to Figure 6.11(a), PT2 shows uncharacteristic loading behavior which involves 
early softening as well as unloading and reloading.  It is possible that strain gage PT2#1 
(see Figure 5.30) may have debonded during loading or that PT2 may have rotated during 
the prestressing operation and thus bending influenced the measurement.  To correct the 
loads for PT2, the load versus percent lateral drift relationship was extrapolated using a 
quadratic extrapolation function based on data between lateral drifts of 0% and 1.2%.  
The quadratic extrapolation function and the R2 value are given in Figure 6.11(a).  As 
noted in the figure, the quadratic extrapolation was terminated when the load reached the 
yield load, corresponding to a lateral drift of 1.85%.  It was assumed that PT2 remained 
within the yield plateau at a constant yield force of 172.3 kips.  The force in PT2 
calculated from extrapolated data is used for computations of static equilibrium beyond a 
lateral drift of 1.2%.  
 
Initial Panel Strains 
Figure  6.12(a) shows the distribution of axial strains across the length of Panel 1, at 
various heights, due to the initial prestress, Pi and the superimposed gravity load, Nact.  
The strains are computed by dividing the axial deformations in the base panel (measured 
using the base panel deformation instruments shown in Figure 5.27) by their respective 
gage lengths (see Figure 5.29).  Thus, these strains are referred to as panel deformation 
strains, or PD strains.  The target strain of -356µε shown in Figure 6.12(a) represents the 
expected uniform compression PD strain due to Pi and Nact, calculated using a concrete 
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modulus of elasticity, Ec of 3937 ksi based on cylinder tests (see Chapter 7).  It is noted 
that the target strain of -356µε does not include the test wall self-weight, Nsw because, 
since all instruments were installed after the test wall was erected, the influence of Nsw 
was not captured by the instruments.  Including Nsw in the target strain calculation gives a 
target strain of -381µε, which is 7% larger (in compression) than the strain computed 
without the inclusion of Nsw.  However, the difference in strain (i.e., 25µε) would not 
have been captured by the instruments had they been installed prior to the erection of the 
test wall, because their resolution is greater than or equal to 25µε.  Therefore, the effect 
of Nsw on the test wall axial deformations and axial strains is negligible.  This is typical 
for all test walls. 
 
Figure 6.12(a) shows that, except for the strains computed using PD6 and PD9, referred 
to as εPD6 and εPD9, respectively, the strains in Panel 1 were uniformly distributed across 
its length and height under Pi and Nact, and were approximately equal to the target strain 
value (i.e., -356µε).  The strains εPD6 and εPD9 are approximately two times larger than 
the target strain.  This is believed to be a result of large deformations captured locally by 
these instruments, possibly due to shrinkage cracks which closed upon the application of 
Pi and Nact.  Thus, the excessively large compressive strains computed using PD6 and 
PD9 are not believed to reflect an increased stress state in these regions of Panel 1. 
 
Decompression (DEC) 
Figure 6.12(b) shows the PD strains at the decompression state (DEC).  As shown in 
Figure 6.12(b), εPD13 and εPD14 are equal to zero which indicates that the wall has 
decompressed at the west end.  This is confirmed using Figure 6.13, which shows the 
variation of the cover concrete strain according to EXTG-W, denoted as εEXTG-W.  Figure 
6.13 is intended to be interpreted qualitatively, since the initial compressive strain due to 
Pi and Nact was approximately three times greater than the target initial strain.  Figure 
6.13 shows that at DEC, denoted by the symbol , εEXTG-W is zero.  Referring to Figure 
6.9, the base shear and lateral drift at DEC (i.e., Vdec and Θdec) were 51.2 kips and 0.07%, 
respectively.  Table 6.1 summarizes the base shear and lateral drift values for selected 
limit states of all the test walls treated in the experimental study.  Table 6.2 summarizes 
the loads on the test walls under eastward loading and tabulates key parameters that 
describe the local behavior along the base joint for selected limit states.  Referring to 
Table 6.2, TPT1 through TPT6 represent the forces in PT1 through PT6, respectively.  C 
represents the compression resultant at the wall base.  The location of C is defined by lC, 
which is measured from the compression end of the test walls.  The length of gap opening 
along the base joint is measured from the tension end of the test walls and is denoted as 
lgo.  c represents the contact length at the wall base, measured from the compression end 
of the test walls, including the concrete cover.  c ′′  represents the contact length at the 
wall base, measured from the centerline of the confining reinforcement at the 
compression end of the test walls, excluding the concrete cover (see Figure 2.9).   
 
Table 6.2 summarizes the PT bar forces TPT1 through TPT6, the gravity load N, and the 
vertical component of the actuator force, Vy at DEC for TW1.  From vertical equilibrium, 
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the compression resultant at the base of TW1 at DEC, Cdec, is calculated as 834 kips.  
From moment equilibrium at the wall base, the location of Cdec, lC,dec, is calculated as 
32.6 in., measured from the east end of the test wall (see Table 6.2).  Since at DEC gap 
opening had not occurred at the base joint, the gap opening length at DEC, decgol , , was 
zero (see Table 6.2).  Thus, the contact length at the base of TW1 at DEC, cdec, was equal 
to the wall length, lw (i.e., 100 in.). 
 
Onset of Gap Opening 
Figure 6.14 shows various gap opening profiles along the base joint of TW1 for selected 
limit states, including DEC, LLP, and CCC.  The gap opening profiles shown in Figure 
6.14 were obtained using the gap opening instruments identified in Figure 5.26.  As 
shown in Figure 6.14, at DEC the base joint was closed, but gap opening at the west end 
of the base joint was imminent.  Shortly after DEC, a gap was observed at the west end of 
TW1, beneath the base joint grout pad, as shown in Figure 6.15.  Figure 6.15(a) is a 
photograph of the base joint at the west end of Panel 1.  The wall was subjected to a base 
shear of 113.4 kips and a lateral drift of 0.25%.  Figure 6.15(b) shows the corresponding 
gap opening profile along the base joint.  As shown in Figure 6.15(b), at a lateral drift of 
0.25%, GOW∆  was equal to 0.081 in. and the gap had propagated beyond the centerline of 
the test wall by approximately 5 in.  Figure 6.16, which plots all gap opening data along 
the base joint, shows that displacing the wall beyond DEC caused the gap along the base 
joint to open further.  Referring to Figure 6.9, displacing the wall beyond a lateral drift of 
0.25% caused TW1 to undergo significant softening, which occurred due to gap opening 
behavior along the base joint and from nonlinear behavior in the concrete, as discussed 
next. 
 
Initiation of Cover Spalling 
Figure 6.9 identifies the point on the lateral load response curve of TW1 when cover 
spalling was first observed at the east end base of Panel 1 (labeled SPL).  As summarized 
in Table 6.1, the base shear and lateral drift at SPL, (i.e., Vspl and Θspl) were 134.5 kips 
and 0.61%, respectively.  Figure 6.17 is a photograph of the east end of Panel 1 showing 
the initiation of cover spalling on the south side of the test wall.  Figures 6.18 and 6.19 
verify that spalling occurred at a lateral drift of approximately 0.61%.  Figure 6.18 is a 
plot of the cover concrete strains in the east region of Panel 1.  As is seen in Figure 6.18, 
the strain at the east end of the test wall, measured using EXTGL-E1 (see Figure 5.25), 
referred to as εEXTGL-E1, is -3520µε, which is approximately equal to the peak εEXTGL-E1 
value (i.e., -3633µε).  It is noted that Figure 6.17 does not correspond to the peak εEXTGL-
E1 value because the spalling propagated from south face of the test wall, northward 
across the wall thickness.  Figure 6.18 also shows the progression of spalling upward 
from the wall base along the east end (e.g., see strains εEXTGL-E2 and εEXTGL-E3).   
 
Figure 6.19 is a plot of spiral strains εSE1 and εSE5, measured using SE1 and SE5 (see 
Figure 5.24).  Figure 6.19 shows that at a lateral drift of approximately 0.61%, the spiral 
strains εSE1 and εSE5 began to increase dramatically, indicating that the cover did spall.   
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Table 6.2 summarizes TPT1 through TPT6, N, and Vy at SPL for TW1.  From vertical 
equilibrium, Cspl is calculated as 898 kips.  From moment equilibrium at the wall base, 
lC,spl is calculated as 8 in., as shown in Table 6.2.  Figure 6.14 shows the gap opening 
profile at SPL, where GOW∆  was equal to 0.335 in.  Referring to Figure 6.16, at SPL, 
denoted by the symbol ◊, 6GO∆  was equal to 0.006 in., indicating that the gap had 
propagated to approximately the location of GO6 (i.e., the gap opening length at SPL, 
splgol , , was approximately 75 in.).  Therefore, the contact length at the base of TW1 at 
SPL, cspl, was approximately 25 in. (see Table 6.2).  The estimated concrete stress in the 
contact region at the base of TW1 at SPL (i.e., )/( wsplspl tcC ⋅ ) is 6 ksi, which is slightly 
lower than the unconfined concrete strength of TW1 reported in Chapter 7 (i.e., 7.6 ksi). 
 
Yielding of PT1 (LLP) 
According to Figure 6.11(a), PT1 yielded at a lateral drift of 1.35%, denoted by the 
symbol □.  Accordingly, TW1 reached the LLP state at a base shear and lateral drift (i.e., 
Vllp and Θllp) of 154.5 kips and 1.35%, respectively, as shown in Figure 6.9 and 
summarized in Table 6.1.  Figure 6.20 shows two photographs of the base of Panel 1 at 
LLP.  Figure 6.20(a) shows the length of gap opening along the base joint, which can be 
approximated at LLP using Figure 6.14 by extrapolating the gap opening profile at LLP 
to the east until it crosses the horizontal dashed line.  Accordingly, the gap opening 
length at LLP, llpgol , , was approximately 80 in. (see Table 6.2).  Thus, the post-spalling 
contact length at the base of TW1 at LLP, llpc ′′ , was approximately 19.7 in. (i.e., 20 in. - 
0.3 in. of cover, measured to the centerline of the spiral steel).   
 
Table 6.2 summarizes TPT1 through TPT6, N, and Vy at LLP for TW1.  From vertical 
equilibrium, Cllp is calculated as 1023 kips.  From moment equilibrium at the wall base, 
lC,llp is calculated as 8.3 in., as shown in Table 6.2.  The estimated confined concrete 
stress in the contact region at the base of TW1 at LLP (i.e., )/( wllpllp tcC ′′⋅′′ ) is 13 ksi, 
which corresponds to approximately 81% of the confined concrete strength of TW1 
reported in Chapter 7 (i.e., 16 ksi). 
 
Subsequent Yielding of PT Bars 
As shown in Figure 6.9, loading TW1 beyond LLP caused other PT bars to yield, denoted 
by the symbol x.  According to Figure 6.11(a), PT2 yielded at a lateral drift of 1.85%.  
The corresponding base shear was 159.5 kips (see Figure 6.9).  Figure 6.11(a) shows that 
yielding of PT3 and PT4 occurred at a lateral drift of approximately 2.36%.  The 
corresponding base shear was 160 kips (see Figure 6.9).  According to Figure 6.11, 
yielding of PT5 and PT6 did not occur.  Figure 6.11(a) shows that upon the application of 
the lateral load, PT4, PT5, and PT6 unloaded and subsequently reloaded.  This unloading 
occurred in these PT bars because they were located in the compression region of the test 
wall, where the wall shortened, reducing the forces in these PT bars.  When the neutral 
axis shifted to the east past these PT bars, the force in these PT bars increased due 
straining of the PT steel from gap opening behavior along the base joint. 
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Referring to Figure 6.11(b), PT1 was subjected to the largest strains of all the PT bars.  
The maximum strain in the PT1 was 0.018 in./in.  Comparing this strain to the strain 
capacity of the PT steel, εpu (i.e., 0.078 in./in. based on testing as discussed in Chapter 7), 
PT1 reached 23% of εpu. 
 
Base Shear Capacity 
The base shear capacity of TW1, Vmax, was 160.5 kips.  Referring to Figure 6.9, Vmax 
occurred at a lateral drift, ΘVmax, of 2.58%.  At this drift level, PT1 through PT4 had 
yielded, increasing the overturning resistance of TW1.  Prior to subsequent yielding of 
more PT bars, failure of TW1 occurred, as discussed next. 
 
Failure Mode (CCC) 
TW1 failed by crushing of the confined concrete.  Therefore, the failure state of TW1 is 
denoted as CCC using the symbol ▲ (see Figure 6.9).  Figure 6.9 shows that the base 
shear and lateral drift at CCC (i.e., Vccc and Θccc) were 148.1 kips and 3.57%, 
respectively.  Figure 6.21 shows two photographs of the base of Panel 1 at a lateral drift 
of 3.48%, prior to CCC.  Figure 6.21 shows that extensive gap opening behavior was 
observed along the base joint prior to CCC.  Referring to Figure 6.14, GOW∆  was 2.87 in. 
when CCC was reached (at Θccc = 3.57%).  The length of gap opening along the base 
joint can be approximated using Figure 6.14 by extrapolating the gap opening profile at 
CCC to the east until it crosses the horizontal dashed line.  Accordingly, the gap opening 
length at CCC, cccgol , , was approximately 78 in. (see Table 6.2).  Thus, the post-spalling 
contact length at the base of TW1 at CCC, cccc ′′ , was approximately 21.7 in. (i.e., 22 in. - 
0.3 in. of cover, measured to the centerline of the spiral steel).  
 
Table 6.2 summarizes TPT1 through TPT6, N, and Vy at CCC for TW1.  From vertical 
equilibrium, Cccc is calculated as 1142 kips.  From moment equilibrium at the wall base, 
lC,ccc is calculated as 13.2 in., as shown in Table 6.2.  The estimated confined concrete 
stress in the contact region at the base of TW1 at CCC (i.e., )/( wcccccc tcC ′′⋅′′ ) is 13.2 ksi, 
which corresponds to approximately 83% of the confined concrete strength of TW1 
reported in Chapter 7 (i.e., 16 ksi). 
 
Figures 6.22 and 6.23 are used to quantify the confined concrete compressive strain when 
TW1 reached CCC.  As shown in Figure 6.22, the compressive strain measured using 
PD1, referred to as εPD1, at CCC was -52648µε (i.e., 0.053 in./in.).  Figure 6.23 shows 
that, at CCC, the confined compressive strain measured using CE1, referred to as εCE1, 
would have been approximately -45000µε (i.e., 0.045 in./in.) had the gage not been 
damaged (estimated by extrapolating the plot of εCE1 to a lateral drift of 3.5%).  Figure 
6.23 shows the confined compressive strain measured using CE2, referred to as εCE2.  
Note that at a lateral drift of approximately 3.5%, εCE2 experienced a sudden increase in 
compressive strain.  This increase was a result progressive loss of confinement in the test 
wall, originating in the east end (e.g., from the location of CE1) and propagating 
westward toward CE2.  It is noted that, during testing, the failure occurred suddenly, but 
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these instruments were able to capture the effect of progressive loss of confinement in 
TW1. 
 
Figure 6.24 shows two photographs of the confinement failure at the base of Panel 1 
immediately after CCC.  Comparing Figure 6.24(b) to Figure 6.21(b), it is seen that after 
TW1 reached CCC, the wall dropped suddenly, resulting in additional damage toward the 
centerline of the wall.  Figure 6.25 is a photograph of the bottom edge of Panel 1, at the 
east end, after TW1 was removed from the test set-up and the failure region was 
excavated.  As shown in Figure 6.25, TW1 failed due spiral fracture, resulting in a loss of 
confinement.  It was observed that spiral fractures occurred in the through-thickness 
direction in the eight spiral coils comprising the confined region.  The spiral fractures 
were observed within the bottom three spiral turns, between 4 in. and 5 in. from the 
bottom edge of the test wall. 
 
As was described in Section 5.2.6, the failure in the confined region of Panel 1 caused 
TW1 to drop suddenly, cracking the bottom east corner of Panel 2 (referred to as Panel 
2F in Table 5.11).  The crack in Panel 2F was shown in Figure 5.20.  As was noted, Panel 
2F was repaired and was reused in Test 2. 
 
Miscellaneous 
Figure 6.26 shows the displaced shape of TW1 at selected limit states.  Figure 6.27 shows 
the floor and loading block displacements of TW1, which were used to obtain the 
displaced shapes shown in Figure 6.26.  Figure 6.28 shows the rotation profile along the 
height of TW1 at selected limit states. The floor and loading block rotations of TW1, 
which were used to obtain the rotation profiles shown in Figure 6.28, are shown in Figure 
6.29.  Figures 6.28 and 6.29 show that, during testing, all floor levels experienced 
essentially a constant change in rotation, which indicates that rigid-body motion from gap 
opening behavior along the wall base was the predominant contributor to the rotation 
profile and displaced shape of TW1. 
 
Figure 6.30 is a plot of the cover concrete strains measured along the base of Panel 1.  
Figure 6.30 shows that at a lateral drift of zero (corresponding to the state when the wall 
was only axially loaded by Pi and Nact), the strains along the base of Panel 1 were 
compressive.  It is noted that Figure 6.30 is intended to be interpreted qualitatively, since 
the magnitudes of the initial strains due to Pi and Nact did not correspond to the target 
strain of -356µε.  Figure 6.30 identifies the lateral drift at which decompression occurs at 
a given strain gage location along the base of Panel 1.  This information is used to 
estimate the contact length, c along the wall base at various instances during testing.  
Figure 6.31 shows the progression of c from the east edge of the wall base.  Initially, the 
wall base was in full contact with the foundation (i.e., c = 100 in.).  As shown in Figure 
6.31, after DEC, c was reduced and eventually stabilized at approximately 20 in. by the 
time LLP was reached.  It is noted that strain gage data were not available to estimate c at 
LLP and at CCC.  However, as noted earlier, the respective gap opening profiles shown 
in Figure 6.14 were extrapolated to estimate c at these limit states. 
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6.3 TEST WALL TW2 
This section presents the test results for TW2, which has its properties summarized in 
Tables 5.5 and 5.6.  Note that the properties of TW2 are the same as those of TW1 (i.e., 
Ap = 7.50 in.2; fpi/fpu = 0.553; and fci,p = 1.19 ksi).  Section 6.3.1 identifies the total initial 
prestress in TW2 at the end of the prestressing operation.  Section 6.3.2 describes the 
response of TW2 under cyclic lateral loading.  The data presented in this section for TW2 
were obtained using selected instruments from those identified in Figure 5.21 and in 
Figures 5.31 through 5.39. 
 
6.3.1 Prestressing Data 
Table 5.5 identifies the PT bar arrangement for TW2, while Figure 5.39 shows the 
designations of all PT bars and PT bar strain gages.  As illustrated in Figure 5.39, TW2 
had six PT bars, designated PT1 through PT6 in increasing order from the west end of the 
wall.  As discussed in Section 5.2.9, the prestressing forces were applied one PT bar at a 
time.  The prestressing of TW2 was conducted in the same order and to the same 
intermittent and final target prestress levels as for TW1 (see Figure 6.8).  Thus, the 
prestressing data for TW2 is omitted.  However, it is noted that at the end of the 
prestressing operation for TW2, the average prestress in the PT bars was 0.557fpu. 
 
The total elapsed time during prestressing of TW2 was two hours.  After TW2 was 
prestressed, data were collected at various time intervals for nine days to monitor the 
stress in the PT bars until TW2 was ready for testing.  An average prestress loss of 
0.015fpu (i.e., 2.7% of the applied prestress) was observed in the PT bars due to creep of 
TW2.  The average prestress in the PT bars prior to the application of gravity and lateral 
loads to TW2 was 0.542fpu; 2% less than the intended target prestress level, 0.553fpu. 
 
6.3.2 Loading History 
Figure 6.32 shows the loading history for TW2, which consisted of the following lateral 
drift cycles: three cycles each at 0.05%, 0.1%, 0.25%, 0.5%, 0.1%, 1%, 1.5%, 2%, 0.1%, 
one cycle at 3%, and three additional half-cycles to the east at 3%.  The first group of 
drift cycles (at 0.05%) was intended to displace TW2 to a drift below Θdec.  The second 
through fourth groups of drift cycles (at 0.1%, 0.25%, and 0.5%) were intended to 
displace TW2 to drifts between Θdec and Θspl.  The fifth group of drift cycles (at 0.1%) 
was included to compare the initial lateral stiffness of TW2, kwi, after subjecting the wall 
to the previous four groups of drift cycles.  The sixth group of drift cycles (at 1%) was 
intended to displace TW2 to a drift between Θspl and Θllp.  The seventh group of drift 
cycles (at 1.5%) was intended to displace TW2 to a drift that is slightly larger than Θllp.  
The eighth group of drift cycles (at 2%) was intended to displace TW2 to a drift that is 
significantly larger than Θllp, but less than Θccc.  The ninth group of drift cycles (at 0.1%) 
was included to compare kwi after subjecting TW2 to the previous eight groups of drift 
cycles.  Finally, the first drift cycle to 3% was intended to fail TW2.  However, during 
the first drift cycle to 3%, only the west end of TW2 failed (referred to as Failure 2A).  
Therefore, additional half-cycles to the east at 3% were introduced until the east end of 
TW2 failed (referred to as Failure 2B).  Hereafter, eastward and westward half-cycles are 
identified by using a positive and negative number, respectively.  For example, the first 
 6-14 
half-cycle to the east at a lateral drift of 3% is defined as the first half-cycle to 3%.  
Similarly, the first half-cycle to the west at a lateral drift of 3% is defined as the first half-
cycle to -3%. 
 
6.3.3 Lateral Load Response 
Figure 6.33 shows the experimental lateral load response of TW2 up to the first westward 
lateral drift half-cycle to 3%, corresponding to Failure 2A.  As shown in Figure 6.33, the 
cyclic lateral load response of TW2 was nearly nonlinear elastic with an excellent self-
centering capability and a small amount of energy dissipation per cycle of loading.  The 
self-centering and energy dissipation of TW2 is quantified later. 
Figure 6.34 shows the variation of the gravity load, N applied to TW2.  Figure 6.34 
shows that N varied between 162 kips and 184 kips due to a lag in the gravity load 
system, as was discussed in Section 6.2.2.  The average value of N supported by TW2 
during Test 2 was approximately 173 kips. 
 
PT Bar Stresses and Forces 
Figure 6.35 shows the normalized stress (i.e., fp/fpu where fpu = 160 ksi) and force in each 
of the PT bars in TW2, plotted versus lateral drift.  The stress was calculated from the 
strain measurement using an actual stress-strain curve for the PT bars (See Chapter 7), 
ensuring that the proper unloading and reloading stress-strain behavior for the PT steel 
was achieved.  The data shown in Figure 6.35 are used to identify when each PT bar 
yielded during Test 2.  In addition, the PT bar forces are used to determine the magnitude 
and location of C, the compression resultant at the base of the test wall, for selected limit 
states. 
 
Decompression (DEC)  
The first limit state reached during Test 2 was the decompression state (DEC), as 
identified in Figure 6.33.  Figure 6.33 identifies pairs of limit states under cyclic loading.  
Each individual limit state (e.g., DEC to the east) is inherently defined by the sign of V 
and Θ (i.e., a positive sign indicates eastward loading, while a negative sign indicates 
westward loading). 
 
Figures 6.36 and 6.37 show various gap opening profiles along the base joint of TW2 for 
eastward and westward loading, respectively.  The gap opening profiles shown in Figures 
6.36 and 6.37 were obtained using the gap opening instruments identified in Figure 5.35.  
As shown in Figures 6.36 and 6.37, the gap opening profiles for DEC correspond to a 
state where the base joint of TW2 was closed, but gap opening was imminent at the west 
end and east end, respectively.  The base shear and lateral drift values at DEC (Vdec and 
Θdec) for TW2 were 45.0 kips and 0.07%, respectively and  
-46.6 kips and -0.08%, respectively, as summarized in Table 6.1.   
 
Tables 6.2 and 6.3 summarize TPT1 through TPT6, N, and Vy at DEC for TW2 under 
eastward and westward loading, respectively.  From vertical equilibrium, the 
compression resultant at the wall base at DEC, Cdec, is calculated as 825 kips for both 
eastward and westward loading.  Cdec was located 35.1 in. from the east end of the test 
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wall for eastward loading and 33.6 in. from the west end for westward loading, as shown 
in Tables 6.2 and 6.3, respectively. 
 
Gap Opening 
Figures 6.38(a) and (b) are photographs of the base joint of Panel 1 at the west and east 
ends, respectively, showing the gap opening behavior which was observed after DEC as 
TW2 was held at the peak lateral drifts of 0.25% and -0.25%, respectively, during the 
first lateral drift cycle at 0.25%.  At lateral drifts of 0.25% and -0.25%, TW2 resisted 
base shear values of 95.1 kips and -97.1 kips, respectively.  Figure 6.39 shows the 
corresponding gap opening profiles along the base joint.  As shown in Figure 6.39, at 
=Θ 0.25%, =GOW∆ 0.087 in. and the gap propagated to the centerline of the test wall.  
Similarly, at =Θ -0.25%, =GOE∆ 0.087 in. and the gap propagated to the centerline of the 
test wall.  Figure 6.40, which plots the gap opening widths GOW∆  and GOE∆ , shows that 
displacing the test wall beyond DEC caused the gap along the base joint to open further.  
Referring to Figure 6.33, displacing the wall beyond a lateral drift of 0.25% caused TW2 
to undergo significant softening, which occurred due to gap opening behavior along the 
base joint and from nonlinear behavior in the concrete, as discussed next. 
 
Initiation of Cover Spalling 
Figure 6.33 identifies the points on the lateral load response curve of TW2 when cover 
spalling was first observed at the east and west ends of Panel 1 (labeled SPL).  As 
summarized in Table 6.1, the base shear and lateral drift values at SPL (i.e., Vspl and Θspl) 
were 133.5 kips and 0.65%, respectively and -130.1 kips and -0.57%, respectively.  
Figure 6.41 shows strain gage data and photographs that illustrate the spalling behavior at 
the east and west ends of Panel 1 during the first drift half-cycles to 1% and -1%, 
respectively.  Referring to Figure 6.41(b), the strain measurement εEXTG-W prior to the 
application of the lateral load was -2244µε, which is significantly larger than the target 
strain of -356µε.  It is believed that at the time the base joint was grouted, air may have 
been trapped adjacent to the west edge of the wall, resulting in a highly strained edge 
upon the application of Pi and Nact.  Figure 6.41(b) shows that as the wall was loaded to 
the west, the compressive strain εEXTG-W reduced slightly then increased, indicating that 
the grout pad separated from under EXTG-W, leaving a void at that location.  Referring 
to Figure 6.38(a), the diagonal cracks in the grout pad corners confirm that by the first 
half-cycle to a drift of 0.25%, the grout had separated from the edge of the panel.  
Therefore, the strain data εEXTG-W is believed to be accurate.  As such, it can be said that 
cover spalling occurred between strains of 2000µε and 3300µε.   
 
When loading eastward, the compression resultant at the base of the test wall at SPL, Cspl, 
was 908 kips, and was located 9.2 in. from the east end, as shown in Table 6.2.  Figure 
6.36 shows the gap opening profile at SPL, where GOW∆  was equal to 0.376 in.  Referring 
to Figure 6.36, at SPL, the gap had propagated between GO6 and GO7 (i.e., 
approximately 80 in. from the west end).  Thus, the contact length at the east end of TW2 
at SPL, cspl, was approximately 20 in. as shown in Table 6.2.  The estimated concrete 
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stress in the contact region at the base of TW2 at SPL is 7.6 ksi, which is equal to the 
unconfined concrete strength of TW2 reported in Chapter 7. 
 
When loading westward, Cspl was 888 kips, and was located 8.8 in. from the west end, as 
shown in Table 6.3.  Figure 6.37 shows the gap opening profile at SPL, where GOE∆  was 
equal to 0.320 in.  Referring to Figure 6.37, at SPL, the gap had propagated between GO1 
and GO2 (i.e., approximately 75 in. from the east end).  Thus, the contact length at the 
west end of TW2 at SPL, cspl, was approximately 20 in. as shown in Table 6.3.  The 
estimated concrete stress in the contact region at the base of TW2 at SPL is 7.4 ksi, which 
is approximately the same as the unconfined concrete strength of TW2.   
 
Yielding of PT1 and PT6 (LLP) 
Referring to Figure 6.35(a), PT1 yielded at a lateral drift of 1.44%.  Figure 6.35(b) shows 
that PT6 yielded at a lateral drift of -1.51%.  Accordingly, TW2 reached the LLP state at 
base shear and lateral drift values (i.e., Vllp and Θllp) of 150.8 kips and 1.44%, 
respectively, and -151.3 kips and -1.51%, respectively, as shown in Figure 6.33 and 
summarized in Table 6.1.  Figures 6.42(a) and (b) are photographs of the base of Panel 1 
showing the extent of gap opening at LLP when TW2 was loaded eastward and 
westward, respectively.  The gap opening lengths at LLP for eastward and westward 
loading can be estimated using Figures 6.36 and 6.37, respectively.  Accordingly, the gap 
opening lengths at LLP, llpgol , , are estimated as 82 in. for eastward loading and as 80 in. 
for westward loading, as summarized in Tables 6.2 and 6.3, respectively.  Thus, the post-
spalling contact lengths at the wall base at LLP, llpc ′′ , were approximately 17.7 in. for 
eastward loading and 19.7 in. for westward loading. 
 
Tables 6.2 and 6.3 summarize the TPT1 through TPT6, N, and Vy at LLP for eastward and 
westward loading, respectively.  When loading eastward, Cllp was 1027 kips and was 
located 9.5 in. from the east end.  For westward loading, Cllp, was 1025 kips and was 
located 9.8 in. from the west end.  The estimated confined concrete stresses in the east 
and west contact regions at the base of TW2 at LLP are 14.5 ksi and 13 ksi, respectively, 
which correspond to approximately 80% to 90% of the confined concrete strength of 
TW2 reported in Chapter 7 (i.e., 16 ksi). 
 
Referring to Figure 6.43, the maximum strain in PT1 was approximately 0.006 in./in, 
which is 7.7% of εpu.  The maximum strain in PT6 was also 0.006 in./in. 
 
Loss of Prestress and Self-Centering Behavior 
As was discussed in Section 2.3.5, loss of prestress occurs in an unbonded post-tensioned 
precast wall under cyclic lateral load when the wall is unloaded from a drift which has 
exceeded Θllp.  When unloading from drifts which cause yielding of other PT bars, the 
loss of prestress in the wall is more pronounced, as discussed next.  As will be shown, 
prestress losses resulted in a reduction of the self-centering capabilities of TW2. 
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Figures 6.35(a) through (f) show the normalized stress and force in the PT bars of TW2 
in the order in which they yielded during Test 2.  Note that the outer PT bars yielded 
before the inner bars and that the PT bars to the west yielded before the PT bars to the 
east, since the wall was first loaded eastward.   
 
Referring to Figure 6.35(a), it is seen that unloading TW2 from drift cycles less than Θllp 
(i.e., Θ < 1.44%) resulted in no prestress losses in PT1.  This was true for all PT bars 
when unloading from Θ < Θllp, as shown in Figure 6.35.  However, after unloading TW2 
from a lateral drift Θ > Θllp, PT1 lost some prestress, as shown in Figure 6.35(a).  Figure 
6.43 shows a plot of normalized stress (i.e., fp/fpu, where fpu = 160 ksi) versus strain for 
PT1.  As shown in Figure 6.43, when TW2 was displaced slightly beyond Θllp and 
returned to its initial position (i.e., Θ = 0%), 5.8% of the initial prestress in PT1 was lost.  
Furthermore, unloading TW2 from a lateral drift of 1.5% caused PT1 to lose 27.4% of fpi.  
Upon unloading from a maximum lateral drift of 3%, 68.2% of fpi was lost in PT1.  
Figure 6.35(a) shows the variation in prestress in PT1 as TW2 was displaced eastward 
and westward.  Note that the prestress losses reported above reflect the losses at zero 
drift.  As shown in Figure 6.35(a), loading the test wall westward caused further 
reductions of the stress in PT1, fp,PT1, due to shortening of the test wall at the location of 
PT1.  Further westward loading (e.g., Θ = -2%) caused an increase in fp,PT1 caused by gap 
opening at the location of PT1 after the NA shifted to the west of PT1.  These trends are 
similar for all PT bars, as shown in Figures 6.35(a) through (f).   
 
Table 6.4 summarizes the total prestress losses in the PT bars and in TW2 at zero drift 
after unloading TW2 from selected lateral drifts.  As shown in Table 6.4, the outermost 
PT bars (e.g., PT1 and PT6) lost more prestress than the innermost PT bars because they 
were subjected to larger strains beyond the yield strain of the PT steel due to gap opening 
behavior along the base joint (see Figures 6.35(a) through (f)).  For example, after TW2 
was unloaded from Θ = 2%, PT1 had lost 27.4% of its initial prestress, while PT2 had 
lost 10.5% and PT3 had lost only 2.1%.    
 
As TW2 was unloaded from larger drift levels, the prestress losses were more significant.  
For example, the total prestress loss in PT1 after unloading from Θ = 2% was 27.4%.  
However, after unloading from Θ = 3%, the total prestress loss in PT1 was 68.2%; a 2.5 
times increase in prestress loss from the previous unloading drift level. PT2 experienced a 
5 times increase in prestress loss between unloading from Θ = 2% and Θ = 3%. 
 
As shown in Table 6.4, the maximum prestress losses in PT1 and PT6 were in excess of 
50%.  PT3 and PT4, which were located near the center of TW2, lost over 23% of their 
initial prestress.  It is noted that PT3 lost an additional 12.3% of its initial prestress after 
unloading from Θ = -3% because a confinement failure at the west end (i.e., Failure 2A) 
caused TW2 to shorten. 
 
Referring to Table 6.4, TW2 lost only 2.7% of its initial prestress, fci,p after it was 
unloaded from Θ = -1.5%, corresponding to the LLP state, where both PT1 and PT6 had 
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yielded.  The prestress loss in TW2 was not significant despite reaching the LLP state 
because PT1 and PT6 had not been significant strained beyond the yield strain of the PT 
steel (e.g., see Figure 6.43 for PT1) and thus did not lose a significant amount of 
prestress.  In addition, the other PT bars did not lose much prestress, allowing the test 
wall to maintain its initial prestress almost entirely.  However, after unloading from Θ = 
3%, only 71.1% of the initial prestress remained in TW2, corresponding to a total loss of 
28.9%.  This occurred because PT1 and PT2 suffered a loss of over 52% of their initial 
prestress and PT3 experienced a loss of over 27% of its initial prestress by the time TW2 
was unloaded from Θ = 3%.  Thus, as more PT bars lost a significant portion of their 
prestress, the overall prestress loss in TW2 was more apparent.  This loss in prestress 
resulted in a partial loss of the test wall’s ability to self-center upon the removal of lateral 
load.   
 
Table 6.4 summarizes the residual drift of TW2 after it was unloaded from selected drift 
levels.  Referring to Table 6.4 and Figure 6.33, TW2 demonstrated excellent self-
centering behavior through the first cycle to 2%, despite having lost approximately 10% 
of its prestress.  This is related to the large amount of stress still available on other PT 
bars, which was sufficient to maintain a zero residual lateral drift.  As shown in Figure 
6.33 and in Table 6.4, when TW2 was unloaded from the first half-cycle to 3%, a residual 
drift of 0.1% was observed.  This occurred because, as shown in Figures 6.35(a), (c), and 
(e), PT1, PT2, and PT3 lost a significant amount of their prestress.  According to Table 
6.4, PT1, PT2, and PT3 lost an additional 40.8%, 42.3%, and 25.4% of their prestress, 
respectively, between the first half-cycle to 2% and the first half-cycle to 3%.  The 
remaining prestress in the PT bars was insufficient to cause TW2 to return back to its 
original position after the removal of the lateral load.  However, a residual drift of 0.1% 
is considered excellent.  Thus, TW2 demonstrated excellent self-centering behavior 
throughout Test 2, despite losing almost 30% of its initial prestress. 
 
Stiffness Degradation 
Figure 6.44 compares the lateral load response of TW2 for three sets of cycles to a lateral 
drift of 0.1%.  As shown in Figure 6.32, the first set of cycles to 0.1% represents the first 
time TW2 was subjected to this drift level.  The second set of cycles to 0.1% was 
preceded by the drift history up to a peak lateral drift of 0.5% (Θ < Θspl).  Finally, the 
third set of cycles to 0.1% was preceded by the drift history up to a peak lateral drift of 
2% (Θ > Θllp).  As shown in Figure 6.44, the initial lateral stiffness of TW2, kwi, was 
201.4 kip/in.  A 7% reduction in the lateral stiffness, kw, of TW2 was observed between 
the first set and second set of cycles to 0.1%, prior to spalling the concrete cover.  From 
the second set of cycles to the third set of cycles to 0.1%, kw reduced by 45.3%.  By the 
end of the third cycle to 2% drift, TW2 had sustained a total loss in kw of 49.2%.  The 
loss in kw can be attributed to nonlinear behavior of the concrete and of the grouted joint 
at the base, as illustrated in Figure 6.45.  Figure 6.45(a) shows that Panel 1 was intact 
during the third half-cycle to a lateral drift of -0.5%.  As shown in Figure 6.45(b), by the 
third half-cycle to -1.5%, Panel 1 had sustained a significant amount of spalling and the 
base joint had begun to degrade.  By the third half-cycle to -2%, significant degradation 
of Panel 1 and of the base joint had occurred near the ends of TW2, as shown in Figure 
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6.45(c).  Thus kw was reduced because the nonlinear behavior of the concrete at the ends 
of the test wall reduced the concrete modulus as well as the moment of inertia of the test 
wall 
 
Base Shear Capacities 
The base shear capacities of TW2, Vmax, were 154.2 kips and -156.5 kips.  Referring to 
Figure 6.33, Vmax occurred at lateral drifts, ΘVmax, of 1.87% and -1.94%.  At these drift 
levels, the two outermost PT bars had yielded (i.e., PT1 and PT2 for eastward loading 
and PT6 and PT5 for westward loading), increasing the overturning resistance of TW2.  
Continued cyclic loading caused TW2 to fail, as discussed next. 
 
Failure 2A (CCC) 
The first failure observed for TW2 was a confinement failure (i.e., CCC) at the west end 
of the test wall, referred to as Failure 2A.  As shown in Figure 6.33, Failure 2A occurred 
during the first half-cycle to a lateral drift of -3%.  The base shear and lateral drift at 
Failure 2A (i.e., Vccc and Θccc) were -147.8 kips and -2.83%, respectively. 
 
Figure 6.46(a) is a photograph of Failure 2A in Panel 1 shortly after the failure occurred.  
Figure 6.46(b) is a photograph of the bottom edge of Panel 1, at the west end, after TW2 
was removed from the test set-up and the failure region was excavated.  As shown in 
Figure 6.46(b), Failure 2A was caused by spirals fracturing, which resulted in a loss of 
confinement.  It was observed that spiral fractures occurred in the through-thickness 
direction in the eight spiral coils comprising the confined region.  The spiral fractures 
were observed within the bottom three spiral turns, between 4 in. and 5 in. from the 
bottom edge of the test wall. 
 
Referring to Figure 6.37, significant gap opening behavior was observed along the base 
joint prior to Failure 2A.  According to Figure 6.37, the length of gap opening along the 
base joint prior to Failure 2A, cccgol , , was approximately 83 in.  As summarized in Table 
6.3, the post-spalling contact length at the base of TW2 at Failure 2A (i.e., CCC), cccc ′′ , 
was approximately 16.7 in. (i.e., 17 in. - 0.3 in. of cover, measured to the centerline of the 
spiral steel).  Referring to Figure 6.37, GOE∆  was 2.11 in. when Failure 2A was reached. 
 
Table 6.3 summarizes TPT1 through TPT6, N, and Vy at CCC for TW2.  From vertical 
equilibrium, Cccc is calculated as 964 kips.  From moment equilibrium at the wall base, 
lC,,ccc is calculated as 11.2 in., as shown in Table 6.3.  The estimated confined concrete 
stress in the contact region at the base of TW2 at CCC is 14.4 ksi, which corresponds to 
approximately 90% of the confined concrete strength of TW2 reported in Chapter 7. 
 
Figure 6.47 shows the confined concrete compressive strain measured using gage CW1 
(see Figure 5.31) during the cyclic lateral load response of TW2 up to CCC.  As shown in 
Figure 6.47, when TW2 was loaded to the east, the strains in the confined concrete 
remained constant, which indicates that the concrete was not resisting to any vertical 
tension.  This was a result of the gap opening behavior along the base joint, which 
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relieved the vertical tension strains near the base of Panel 1.  Figure 6.47 shows that 
loading the test wall beyond SPL caused an increase in confined concrete compressive 
strain, which is expected.  Upon unloading from the first cycle to a drift of -1%, a 
residual confined concrete strain (constant strain for positive lateral drift) of -1882µε was 
measured.  After the second and third subsequent cycles at a lateral drift of 1%, the 
residual confined concrete strain at the west end of TW2 remained within 13% of that 
observed after the first cycle (i.e., the residual strains were -2043µε and -2119µε for the 
second and third cycles, respectively).  By the end of the third half-cycle to the east at a 
lateral drift of 3% (i.e., prior to westward loading which caused Failure 2A), a total 
residual confined concrete strain of -6306µε had been accumulated at the west end of 
TW2.  When Failure 2A occurred, the confined concrete strain at the west end of TW2 
was -12451µε.  Thus, the loading history shown in Figure 6.32 generated a residual 
confined concrete strain at the west end of Panel 1 prior to CCC which was equal to 50% 
of the observed compressive strain capacity of the confined concrete. 
 
Figure 6.48 shows the lateral load response of TW2 through Failure 2A.  Referring to 
Figures 6.34 and 6.48, it is seen that the confinement failure at the west end of TW2 
resulted in a loss of gravity and lateral load resistance of the test wall. 
 
Failure 2B (Instability) 
After Failure 2A occurred at the west end of TW2, the test wall was loaded to the east for 
additional half-cycles to a 3% drift until failure was observed at the east end.  Figure 6.48 
shows the lateral load response of TW2 up to Failure 2A (shown grey) and from Failure 
2A to Failure 2B (shown black).  Figure 6.49 shows the gap opening behavior along the 
base of Panel 1 during the first half-cycle to 3% post-Failure 2A.  At this state, the gap 
opening length was approximately 73 in., determined by extrapolating the gap opening 
profile corresponding to Failure 2A in Figure 6.36.  As shown in Table 6.2, the 
corresponding contact length at the base of TW2 was approximately 26.7 in. (i.e., 27 in. - 
0.3 in. of cover, measured to the center of the spiral steel). 
 
Figure 6.48 shows that upon reloading TW2 to the third half-cycle to 3% post-Failure 2A, 
TW2 failed in an unstable manner (referred to as Failure 2B) as the entire confined 
concrete region to the east of Panel 1 buckled suddenly.  Figure 6.50 consists of a set of 
photographs illustrating the buckling failure mode of TW2.  It is important to emphasize 
that only the confined concrete region at the east end of Panel 1 buckled, while the rest of 
Panel 1 remained vertical.  This is illustrated in Figures 6.50(a) and (b), which show that 
the exposed vertical conduit used for PT6 remained attached to the unbuckled portion of 
Panel 1.  Figures 6.50(c) and (d) also show that only the confined concrete region of 
Panel 1 buckled.  For example, Figure 6.50(c) shows that the eight spiral coils that made 
up the confined concrete region were part of the buckled portion of the panel.   
 
Figure 6.50(d) shows a close-up of the inner edge of the spiral confinement (i.e., the edge 
adjacent to PT6), which was exposed after the confined concrete region buckled.  Note 
that the two layers of welded wire mesh on opposite sides of the wall panel separated 
relative to one another as the wall buckled.  This occurred because there was no 
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reinforcement to provide through-thickness resistance that would have prevented the two 
layers of welded wire mesh from separating relative to one another at the bifurcation 
point. 
 
Failure 2B can be explained as follows.  During Test 2, as TW2 was subjected to the first 
eastward half-cycle to 2%, short diagonal cracks developed in a narrow vertical band 
along the height of Panel 1 at the boundary between the outermost conduit (i.e., the 
conduit for PT6) and the confined concrete region at the east end of TW2.  Figure 6.51 is 
a photograph of the south face of Panel 1, which shows the crack pattern.  It is noted that 
similar cracks developed on the north face as well.  The fact that the cracks are inclined 
yet steep indicates that they developed from a combination of shear and axial 
compression across the boundary between the east edge of the conduit for PT6 and the 
confined concrete region to the east.  This boundary was approximately 28 in. from the 
east end of Panel 1 (see Figure 5.2).   
 
Figures 6.52(a) and (b) show the strain response of the mesh steel in the vicinity of the 
cracks at the mid-height and at the top of Panel 1, respectively.  Referring to Figure 5.32, 
ME5 was located approximately 4 in. to the east of the vertical crack pattern, while ME8 
was located approximately 4 in. to the west of the vertical crack pattern.  As shown in 
Figure 6.52(a), the mesh steel at the mid-height of Panel 1 developed a significant 
amount of residual strain upon unloading from a lateral drift of 3% post-Failure 2A, 
indicating that the mesh steel yielded at the location of ME5.  Figure 6.52(b) shows that 
at the top of Panel 1, the mesh steel yielded after displacing TW2 to a lateral drift of 1% 
and continued accumulating residual strains until Failure 2B occurred.  This indicates that 
high tensile strains developed at the interface between the confined concrete region and 
the rest of Panel 1, which eventually led to a separation of the confined concrete region 
under eastward loading.  As a result, the confined concrete region, which was carrying 
significant compression, buckled after it was no longer restrained from buckling by the 
rest of the panel.  This failure mode is undesirable as the stability of the wall is 
jeopardized.  Consequently, the base panel reinforcement details were modified in an 
attempt to better control cracking and to eliminate this failure mode.  The new 
reinforcement details utilized hoops in the confined regions; had horizontal steel that ran 
the length of the wall panel and was developed within the confined regions; and had 
transverse (through-thickness) hoops adjacent to all PT conduits.  These reinforcement 
details were described in Chapter 5 for the scaled hoop confined wall panel.  It is noted 
that the total amount of horizontal steel introduced as part of the new reinforcement 
details was approximately twice the amount of steel originally present in TW1 and TW2.  
This steel was introduced in order to maintain the narrow band of diagonal cracks closed 
during cyclic loading, preventing the confined concrete region from separating from the 
rest of the panel.  The through-thickness hoops were introduced adjacent to the PT 
conduits in order to prevent the two layers of horizontal steel reinforcement from 
separating relative to one another.   
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Energy Dissipation 
The cumulative energy dissipation, Ed, is calculated by summing the area enclosed by the 
V-Θ curve of Figure 6.33, where: 
( ) 

 +⋅−= −
=
−∑ 2 1,2 1 iini iid
VVΘΘE      (6-6) 
Figure 6.53 shows a plot of the normalized cumulative energy dissipation (i.e., Ed/Ed,max) 
computed for TW2 at the completion of selected lateral drift full-cycles.  For TW2, Ed,max 
was computed using Equation 6-6 up to the completion of the first lateral drift half-cycle 
to 3%, (i.e., prior to Failure 2A, as shown in Figure 6.33).  Figure 6.53 shows that, for 
each set of drift cycles, the increment in normalized Ed was the same for repeated cycles 
at the same drift level.  For example, ∆Ed(1.5 to 1.5) remained constant between the first and 
second cycles and between the second and third cycles at a lateral drift of 0.5%.  
Furthermore, this increment was larger for repeated cycles at larger drift levels (e.g., 
∆Ed(2.0 to 2.0) was larger than ∆Ed(1.5 to 1.5)).  Lastly, the increment in normalized Ed increased 
when loading from the third cycle at a given drift level to the first cycle at a larger drift 
level; as the drift levels increased, so did the increment in normalized Ed.  For example, 
Figure 6.53 shows that ∆Ed(2.0 to 3.0) was greater than ∆Ed(0.5 to 1.0). 
 
For TW2, Ed,max was equal to 1495 kip-in. (computed using Equation 6-6, multiplied by 
Hact/∆LB).  Figure 6.53 shows that before cover spalling occurred (recall that 0.5% < Θspl 
< 1.0%), the cumulative Ed was negligible.  However, when the cover spalled (during the 
first cycle to 1.0%), the cumulative Ed doubled, reaching approximately 20% of Ed,max.  
Upon reaching LLP, the cumulative Ed reached 32% of Ed,max.  It is noted that yielding of 
the PT bars did not contribute significantly to Ed,max.  The maximum contribution to Ed,max 
from the PT bars was approximately 6% (computed using the stress-strain response for 
all of the PT bars during the test).  Thus, nonlinear behavior in the concrete at the base of 
Panel 1 was the primary source of the total energy dissipation capacity of TW2.   
 
Miscellaneous 
Figure 6.54 shows the displaced shape of TW2 at selected limit states, which indicates 
symmetric behavior of TW2. 
 
Figure 6.55 shows the progression of the contact length, c, measured from the 
compression edge of the wall base for both eastward and westward loading.  The data 
plotted corresponds to the data summarized in Tables 6.2 and 6.3 for the limit states of 
DEC, SPL, LLP, and CCC as they first occurred during the loading history.  Initially, the 
wall base was in full contact with the foundation (i.e., c = 100 in.).  As shown in Figure 
6.55, c was reduced and stabilized at SPL at approximately 20 in.  The contact lengths at 
failure were different for eastward and westward loading because, as discussed above, the 
failure modes were different from one another. 
 
6.4 TEST WALL TW3 
This section presents the test results for TW3, which has its properties summarized in 
Tables 5.5 and 5.7.  The purpose of Test 3 was to evaluate the effectiveness of the new 
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reinforcement details of Panel 1 in eliminating the undesirable buckling failure mode 
observed at the end of Test 2.  Therefore, it was imperative that Test 3 be conducted in 
the same manner as Test 2 in order to subject TW3 to the same forces and drift levels as 
was TW2.  Thus, aside from the reinforcement details and the concrete strength in the 
base panel, TW2 and TW3 had the same general parameters (e.g., they had the same Ap 
and fpi/fpu, as shown in Tables 5.6 and 5.7).  Section 6.4.1 identifies the total initial 
prestress in TW3 at the end of the prestressing operation.  Section 6.4.2 describes the 
response of TW3 under cyclic lateral loading.  The data presented in this section for TW3 
were obtained using selected instruments from those identified in Figure 5.21 and Figures 
5.21 and in Figures 5.40 through 5.48. 
 
6.4.1 Prestressing Data 
Table 5.5 identifies the PT bar arrangement for TW3, while Figure 5.48 shows the 
designations of all PT bars and PT bar strain gages.  As illustrated in Figure 5.48, TW3 
had six PT bars, designated PT1 through PT6 in increasing order from the west end of the 
wall.  As was discussed in Section 5.2.9, the prestressing forces were applied one PT bar 
at a time.  The prestressing of TW3 was conducted in the same order and to the same 
intermittent and final target prestress levels as for TW1 and TW2 (e.g., see Figure 6.8).  
Thus, the prestressing data for TW3 is omitted.  However, it is noted that at the end of the 
prestressing operation for TW3, the average prestress in the PT bars was 0.552fpu. 
 
The total elapsed time during prestressing of TW3 was two hours.  After TW3 was 
prestressed, data were collected at 15-minute intervals for two days to monitor the stress 
in the PT bars until TW3 was ready for testing.  No prestress losses were observed in the 
PT bars during the two days following the prestressing operation.  Thus, the average 
prestress in the PT bars prior to the application of gravity and lateral loads to TW3 was 
0.552fpu. 
 
6.4.2 Loading History 
Figure 6.56 shows the loading history for TW3, which consisted of the same lateral drift 
cycles as TW2, except that TW3 failed during the first lateral drift cycle to 3%.   
 
6.4.3 Lateral Load Response 
Figure 6.57 shows the experimental lateral load response of TW3.  As shown in Figure 
6.57, up until failure, the cyclic lateral load response of TW3 was nearly nonlinear elastic 
with an excellent self-centering capability and a small amount of energy dissipation per 
cycle of loading.  The self-centering and energy dissipation of TW3 is quantified later. 
 
Figure 6.58 shows the variation of the gravity load, N applied to TW3.  Figure 6.58 
shows that N varied between 156 kips and 182 kips due to a lag in the gravity load 
system, as was discussed in Section 6.2.2.  However, comparing Figure 6.58 to Figure 
6.34, it is seen that N was controlled more effectively during Test 3 than during Test 2.  
This was achieved by manually adjusting the pressure in the gravity load pump during 
each loading cycle throughout the test.  The average value of N supported by TW3 during 
 6-24 
Test 3 was 173.6 kips (excluding the drops in gravity load associated with failure of the 
test wall). 
 
PT Bar Stresses and Forces 
Figure 6.59 shows the normalized stress (i.e., fp/fpu where fpu = 160 ksi) and force in each 
of the PT bars in TW3, plotted versus lateral drift.  As before, the stress was calculated 
from the strain measurement using an actual stress-strain curve for the PT bars (See 
Chapter 7), ensuring that the proper unloading and reloading stress-strain behavior for the 
PT steel was achieved.  The data shown in Figure 6.59 are used to identify when each PT 
bar yielded during Test 3.  In addition, the PT bar forces are used to determine the 
magnitude and location of C, the compression resultant at the base of the test wall, for 
selected limit states. 
 
Decompression (DEC)  
The first limit state reached during Test 3 was the decompression state (DEC), as 
identified in Figure 6.57. 
 
Figures 6.60 and 6.61 show various gap opening profiles along the base joint of TW3 for 
eastward and westward loading, respectively.  The gap opening profiles shown in Figures 
6.60 and 6.61 were obtained using the gap opening instruments identified in Figure 5.44.  
As shown in Figures 6.60 and 6.61, the gap opening profiles for DEC correspond to a 
state where the base joint of TW3 was closed, but gap opening was imminent at the west 
end and east end, respectively.  The base shear and lateral drift values at DEC (Vdec and 
Θdec) for TW3 were 55.3 kips and 0.07%, respectively and  
-54.3 kips and -0.07%, respectively, as summarized in Table 6.1.   
 
Tables 6.2 and 6.3 summarize TPT1 through TPT6, N, and Vy at DEC for TW3 under 
eastward and westward loading, respectively.  From vertical equilibrium, the 
compression resultant at the wall base at DEC, Cdec, is calculated as 831 kips for both 
eastward and westward loading.  Cdec was located 31 in. from the east end of the test wall 
for eastward loading and 31.6 in. from the west end for westward loading, as shown in 
Tables 6.2 and 6.3, respectively. 
 
Gap Opening 
Figures 6.62(a) and (b) are photographs of the base joint of Panel 1 at the west and east 
ends, respectively, showing the gap opening behavior which was observed after DEC as 
TW3 was held at the peak lateral drifts of 0.25% and -0.25%, respectively, during the 
first lateral drift cycle at 0.25%.  At lateral drifts of 0.25% and -0.25%, TW3 resisted 
base shear values of 102.6 kips and -84.7 kips, respectively.  The difference in base shear 
resistance of TW3 at this drift level is attributed to early spalling behavior at the west 
end, as will be discussed shortly.  Figure 6.63 shows the gap opening profiles along the 
base joint at lateral drifts of 0.25% and -0.25%.  As shown in Figure 6.63, at =Θ 0.25%, 
=GOW∆ 0.089 in. and the gap propagated to the centerline of the test wall.  Similarly, at 
=Θ -0.25%, =GOE∆ 0.091 in. and the gap propagated to the centerline of the test wall.  
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Figure 6.64, which plots the gap opening widths GOW∆  and GOE∆ , shows that displacing 
the test wall beyond DEC caused the gap along the base joint to open further.  Referring 
to Figure 6.57, displacing the wall beyond a lateral drift of 0.25% caused TW3 to 
undergo significant softening, which occurred due to gap opening behavior along the 
base joint and from nonlinear behavior in the concrete, as discussed next. 
 
Initiation of Cover Spalling 
Figure 6.57 identifies the points on the lateral load response curve of TW3 when cover 
spalling was first observed at the east and west ends of Panel 1 (labeled SPL).  As 
summarized in Table 6.1, the base shear and lateral drift values at SPL (i.e., Vspl and Θspl) 
were 139.5 kips and 0.83%, respectively and -74.2 kips and -0.13%, respectively.  Figure 
6.65 shows strain gage data and photographs that illustrate the spalling behavior at the 
west and east ends of Panel 1 during the first drift half-cycles to -0.25% and 1%, 
respectively.  The initiation of cover spalling on the west end of Panel 1 occurred at a 
smaller drift than anticipated and resulted in faster degradation of the concrete at the west 
end throughout Test 3.  For example, Figure 6.66 shows that by the third cycle to a lateral 
drift of 1%, the west end of Panel 1 sustained more spalling than the east end.   
 
Comparing the cyclic lateral load response of TW3 up to a lateral drift of 1% in Figure 
6.57, it is seen that the hysteresis loops for westward half-cycles are wider than those 
corresponding to eastward half-cycles.  This is attributed to the early spalling behavior 
observed at the west end of TW3.  Since the nonlinear behavior of TW3 was 
unsymmetrical, the origin of the lateral load response curve of Figure 6.57 gradually 
shifted to the left.  That is, TW3 accumulated a negative residual drift, requiring 
approximately 15 kips of lateral load to maintain a zero drift (the residual drift is 
quantified later).  Furthermore, the west end of TW3 was weaker than the east end and 
thus did not resist the same level of base shear as did the east end.  The negative residual 
drift and the unsymmetrical base shear resistance together give the illusion that the lateral 
load response curve of Figure 6.57 is shifted upwards.  However, as will be shown later, 
this upwards offset occurred gradually during testing and is not a result of an incorrect 
balance of the lateral load at the outset of the test.  Rather, this occurred because the west 
end of the test wall degraded more than did the east end, causing the test wall to want to 
lean westward under its own self weight, the applied gravity load, and prestressing forces. 
 
Referring to Figure 6.65, the maximum strains measured at the initiation of cover spalling 
were 1343µε and 1652µε for westward and eastward loading, respectively.   
When loading westward, the compression resultant at the base of the test wall at SPL, 
Cspl, was 833 kips, and was located approximately 25 in. from the west end, as shown in 
Table 6.2.  Figure 6.61 shows the gap opening profile at SPL, where GOE∆  was equal to 
0.022 in.  Referring to Figure 6.61, at SPL, the gap had propagated between GO6 and 
GO7 (i.e., approximately 25 in. from the east end).  Thus, the contact length at the west 
end of TW3 at SPL, cspl, was approximately 75 in., as shown in Table 6.3.  The estimated 
concrete stress in the contact region at the base of TW3 at SPL is 1.85 ksi, which is 
extremely small compared to the unconfined concrete strength of TW3 reported in 
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Chapter 7 (i.e., 8 ksi).  Thus, it is concluded that the concrete at the west end did not 
consolidate properly during casting, resulting in early spalling behavior and subsequent 
degradation of the west end of Panel 1 for TW3.  This conclusion is validated by Figure 
5.19, which shows the void which was repaired at the west end of Panel 1 for TW3 
(referred to as Panel 1C in the discussion of Chapter 5).  It is believed that the improper 
consolidation of the concrete at the west end of Panel 1 for TW3 resulted in the 
unsymmetrical behavior in the lateral load response curve of Figure 6.57. 
 
When loading eastward, Cspl was 930 kips, and was located 7.9 in. from the east end, as 
shown in Table 6.2.  Figure 6.60 shows the gap opening profile at SPL, where GOW∆  was 
equal to 0.517 in.  Referring to Figure 6.60, at SPL, the gap had propagated between GO6 
and GO7 (i.e., approximately 82 in. from the west end).  Thus, the contact length at the 
east end of TW3 at SPL, cspl, was approximately 18 in., as shown in Table 6.2.  The 
estimated concrete stress in the contact region at the base of TW3 at SPL is 8.6 ksi, which 
is slightly greater than the unconfined concrete strength of TW3 reported in Chapter 7 
(i.e., 8 ksi). 
 
Yielding of PT1 and PT6 (LLP) 
Referring to Figure 6.69(a), PT1 yielded at a lateral drift of 1.63%.  Figure 6.69(b) shows 
that PT6 yielded at a lateral drift of -1.54%.  Accordingly, TW2 reached the LLP state at 
base shear and lateral drift values (i.e., Vllp and Θllp) of 150.7 kips and 1.63%, 
respectively, and -135.8 kips and -1.54%, respectively, as shown in Figure 6.57 and 
summarized in Table 6.1.  Figures 6.67(a) and (b) show the ends of the base of Panel 1 
when loaded eastward to LLP, while Figures 6.67(c) and (d) show the same for westward 
loading to LLP.  As shown in Figure 6.67, extensive spalling was observed at the 
compression ends of Panel 1, while the tension ends developed significant gap opening 
behavior.  The gap opening lengths at LLP for eastward and westward loading can be 
estimated using Figures 6.60 and 6.61, respectively.  Accordingly, the gap opening 
lengths at LLP, llpgol , , are estimated as 80 in. for eastward loading and as 72 in. for 
westward loading, as summarized in Tables 6.2 and 6.3, respectively.  Thus, the post-
spalling contact lengths at the wall base at LLP, llpc ′′ , were approximately 19.8 in. for 
eastward loading and 27.8 in. for westward loading. 
 
Tables 6.2 and 6.3 summarize the TPT1 through TPT6, N, and Vy at LLP for eastward and 
westward loading, respectively.  When loading eastward, Cllp was 1053 kips and was 
located 10.2 in. from the east end.  For westward loading, Cllp, was 926 kips and was 
located 11.7 in. from the west end.  The estimated confined concrete stresses in the east 
and west contact regions at the base of TW3 at LLP are 11.2 ksi and 7 ksi, respectively, 
which correspond to approximately 86% to 54% of the confined concrete strength of 
TW3 reported in Chapter 7 (i.e., 13 ksi). 
 
Referring to Figure 6.68, the maximum strain in PT1 was approximately 0.006 in./in, 
which is 7.7% of εpu.  The maximum strain in PT6 was also approximately 0.006 in./in. 
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Loss of Prestress and Self-Centering Behavior 
Figures 6.59(a) through (f) show the normalized stress and force in the PT bars of TW3 
in the order in which they yielded during Test 3.  Note that the outer PT bars yielded 
before the inner bars and that the PT bars to the west yielded before the PT bars to the 
east, since the wall was first loaded eastward. 
 
Referring to Figure 6.59(a), it is seen that unloading TW3 from drift cycles less than Θllp 
(i.e., Θ < 1.63%) resulted in minor prestress losses in PT1 due to nonlinear behavior in 
the concrete and the base joint grout layer.  This was true for all PT bars when unloading 
from Θ < Θllp, as shown in Figure 6.59.  However, after unloading TW3 from a lateral 
drift of Θ > Θllp, PT1 lost a significant amount of prestress, as shown in Figure 6.59(a).  
Figure 6.68 shows a plot of normalized stress (i.e., fp/fpu, where fpu = 160 ksi) versus 
strain for PT1.  As shown in Figure 6.68, only 4.4% of the initial prestress in PT1 was 
lost from concrete nonlinearities when TW3 was unloaded from Θ < Θllp.  However, 
unloading TW3 from a lateral drift of 2.0% caused PT1 to lose 20.3% of fpi.  Upon 
unloading from a maximum lateral drift of 2.74%, 55.4% of fpi was lost in PT1, but that 
was attributed to shortening of the test wall due to CCC at the east end.  Figure 6.59(a) 
shows the variation in prestress in PT1 as TW3 was displaced eastward and westward.  
Note that the prestress losses reported above reflect the losses at zero drift.  As shown in 
Figure 6.59(a), loading the test wall westward caused further reductions of the stress in 
PT1, fp,PT1, due to shortening of the test wall at the location of PT1.  Further westward 
loading (e.g., Θ = -2%) caused an increase in fp,PT1 caused by gap opening at the location 
of PT1 after the NA shifted to the west of PT1.  These trends are similar for all PT bars, 
as shown in Figures 6.59(a) through (f).   
 
Table 6.5 summarizes the total prestress losses in the PT bars and in TW3 at zero drift 
after unloading TW3 from selected lateral drifts.  As shown in Table 6.5, the two exterior 
PT bars to the west (i.e., PT1 and PT2) lost more prestress than the other PT bars due to 
the weak west end of Panel 1, as discussed above. 
 
As noted earlier, Table 6.5 shows that unloading TW3 from large drift levels beyond Θllp 
resulted in more significant prestress losses in the PT bars.  For example, the total 
prestress loss in PT1 after unloading from Θ = -1.5% was 4.4%.  However, after 
unloading from Θ = 2%, the total prestress loss in PT1 was 20.3%, corresponding to a 4.6 
times increase from the previous unloading target drift level.  PT2 experienced a 2.1 
times increase in prestress loss between unloading from Θ = -1.5% and Θ = 2%. 
As shown in Table 6.5, the maximum prestress losses in PT1 and PT6 prior to CCC were 
in the range of 16% to 20%.  Prior to CCC, PT2 lost almost 34% of its initial prestress, 
while PT3, PT4, and PT5 lost less than 6% of their initial prestress. 
 
Referring to Table 6.4, TW3 lost a maximum of 13.4% of its initial prestress, fci,p after it 
was unloaded from Θ = -2.0%, corresponding to the LLP state, where both PT1 and PT6 
had yielded, but prior to CCC.  This loss in prestress resulted in a partial loss of the 
ability of the test wall to self-center.  Table 6.5 summarizes the residual drift of TW3 
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after it was unloaded from selected drift levels.  Referring to Table 6.5 and Figure 6.57, 
TW3 demonstrated excellent self-centering behavior throughout the loading history, but 
prior to CCC.  The largest residual drift of -0.1% was accumulated by the end of the first 
half-cycle to -2%.  A negative residual drift accumulation (in particular observed after 
unloading from eastward half-cycles) was a result of the unsymmetrical nature of the 
concrete at ends of Panel 1.  All in all, TW3 demonstrated excellent self-centering 
behavior throughout, despite losing 13.4% of its initial prestress. 
 
Stiffness Degradation 
Figure 6.69 compares the lateral load response of TW3 for three sets of cycles to a lateral 
drift of 0.1%.  As shown in Figure 6.56, the first set of cycles to 0.1% represents the first 
time TW3 was subjected to this drift level.  The second set of cycles to 0.1% was 
preceded by the drift history up to a peak lateral drift of 0.5%.  Finally, the third set of 
cycles to 0.1% was preceded by the drift history up to a peak lateral drift of 2%.  As 
shown in Figure 6.69, the initial lateral stiffness of TW3, kwi, was 232.4 kip/in.  A 40% 
reduction in the lateral stiffness, kw, of TW3 was observed between the first set and 
second set of cycles to 0.1%.  This was attributed to the early spalling behavior observed 
at the west end of Panel 1.  From the second set of cycles to the third set of cycles to 
0.1%, kw reduced by 54%.  By the end of the third cycle to 2% drift, TW3 had sustained a 
total loss in kw of 72.2%.  The loss in kw can be attributed to nonlinear behavior of the 
concrete and of the grouted joint at the base as well as to prestress losses.  Figure 6.70 
shows the condition of Panel 1 at the ends at the third half-cycle to  
-2%.  It is seen that the ends of Panel 1 suffered significant deterioration during the 
loading history prior to CCC, which contributed to the loss in the lateral stiffness of the 
wall by reducing the concrete modulus as well as the moment of inertia of the test wall.  
As was discussed above, after unloading TW3 from a lateral drift of -2%, over 13% of 
the initial prestress on the wall was lost (see Table 6.5).  A reduction in prestress resulted 
in a reduction of the lateral stiffness of TW3 because the overturning resistance provided 
by the prestressing was diminished. 
 
Base Shear Capacities 
The base shear capacities of TW3, Vmax, were 153.9 kips and -142.8 kips.  Referring to 
Figure 6.57, Vmax occurred at lateral drifts, ΘVmax, of 1.46% and -1.97%. 
 
Failure (CCC) 
TW3 failed at both ends of Panel 1 due to confinement failures (i.e., CCC).  Figures 
6.71(a) and (b) show the east and west ends of Panel 1 at CCC, while Figure 6.71(c) 
shows typical hoop fractures observed after the confined regions of Panel 1 were 
excavated.  It is noted that all hoops fractured in the through-thickness direction, as 
shown in Figure 6.71(c).  The hoop fractures were observed in the bottom three levels of 
hoop steel, within 5 in. from the bottom edge of the test wall. 
 
Referring to Figure 6.57, the base shear and lateral drift values at CCC (i.e., Vccc and Θccc) 
were 125.1 kips and 2.74%, respectively and -121.8 kips and -2.54%, respectively. 
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Figures 6.60 and 6.61 show that significant gap opening behavior was observed along the 
base joint at CCC.  It is noted that linear curve-fits were used in Figures 6.60 and 6.61 to 
obtain the gap opening profiles corresponding to CCC.  Referring to Figures 6.60 and 
6.61, the length of gap opening along the base at CCC, cccgol , , was approximately 71 in. 
for eastward loading and approximately 67 in. for westward loading.  The corresponding 
contact lengths at the base of TW3 are summarized in Tables 6.2 and 6.3 for eastward 
and westward loading, respectively.  Table 6.2 shows that the post-spalling contact length 
at the base of TW3 at CCC, cccc ′′ , was approximately 29.3 in. (i.e., 29 in. - 0.25 in. of 
cover, measured to the centerline of the hoop steel) for eastward loading.  Similarly, 
Table 6.3 shows that cccc ′′ , was approximately 32.8 in. for westward loading.  Referring to 
Figures 6.60 and 6.61, GOW∆  was 1.88 in. when CCC occurred at the east end of TW3, 
and GOE∆  was 1.63 in. when CCC occurred at the west end. 
 
Tables 6.2 and 6.3 summarize TPT1 through TPT6, N, and Vy at CCC for TW3.  From 
vertical equilibrium, Cccc is calculated as 1026 kips for eastward loading and as 853 kips 
for westward loading.  From moment equilibrium at the wall base, lC,,ccc is calculated as 
16.6 in. and 15 in. for eastward and westward loading, respectively.  The estimated 
confined concrete stress in the contact regions at the base of TW3 at CCC are 7.4 ksi for 
eastward loading and 5.5 ksi for westward loading, which corresponds to approximately 
57% and 42% of the confined concrete strength of TW3 reported in Chapter 7. 
  
Figures 6.72(a) and (b) show the confined concrete compressive strains measured using 
gage CE4 (see Figure 5.40) and PD20 (see Figure 5.45), respectively during the cyclic 
lateral load response of TW3 up to CCC.  As shown in Figure 6.72(a), when TW3 was 
loaded to the west, the strains in the confined concrete remained constant, which 
indicates that the concrete was not resisting any vertical tension.  The same observation 
can be made for eastward loading in Figure 6.72(b).  This was a result of the gap opening 
behavior along the base joint, which relieved the vertical tension strains near the base of 
Panel 1.  Figure 6.72 shows that loading the test wall beyond SPL caused an increase in 
confined concrete compressive strain, which is expected.  The maximum residual 
confined concrete compressive strains measured at the west and east ends prior to CCC 
were 6749µε and 3574µε, respectively.  This indicates that the west end of Panel 1 
deformed 90% more than did the east end.  This confirms that the west end of Panel 1 
experienced more damage than the east end, which resulted in an unsymmetrical lateral 
load response of TW3.  It is noted that at CCC, the confined concrete compressive strains 
were between 18500 µε and 26200 µε.   
 
Figure 6.73 is a photograph of the south face of Panel 1, which shows a series of cracks 
that appeared at the locations of the outermost PT conduits (i.e., PT1 and PT6) during the 
first cycle to a lateral drift of 1.5%.  These cracks are similar to the cracks that appeared 
during Test 2 (see Figure 6.51).  Therefore, it can be concluded that the reinforcement 
details in Panel 1 of TW3 were effective in maintaining the two confined concrete 
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regions attached to the rest of the panel, thus eliminating the undesirable buckling failure 
mode observed at the end of Test 2. 
 
Energy Dissipation 
Figure 6.74 shows a plot of the normalized cumulative energy dissipation (i.e., Ed/Ed,max) 
computed for TW3 at the completion of selected lateral drift full-cycles using Equation 6-
6.  For TW3, Ed,max was computed using Equation 6-6 up to the completion of the third 
lateral drift cycle to 2%, (i.e., prior to CCC).  Figure 6.74 shows the same general 
behavior observed for TW2.  That is, for each set of drift cycles, the increment in 
normalized Ed was the same for repeated cycles at the same drift level.  For example, 
∆Ed(1.5 to 1.5) remained constant between the first and second cycles and between the 
second and third cycles at a lateral drift of 0.5%.  Furthermore, this increment was larger 
for repeated cycles at larger drift levels (e.g., ∆Ed(2.0 to 2.0) was larger than ∆Ed(1.5 to 1.5)).  
Lastly, the increment in normalized Ed increased when loading from the third cycle at a 
given drift level to the first cycle at a larger drift level; as the drift levels increased, so did 
the increment in normalized Ed.  For example, Figure 6.74 shows that ∆Ed(1.5 to 2.0) was 
greater than ∆Ed(1.0 to 1.5). 
 
For TW3, Ed,max was equal to 1334 kip-in.  Figure 6.74 shows that before cover spalling 
occurred at both ends of the test wall, the cumulative Ed was negligible.  However, after 
spalling was observed at both ends (during the first cycle to 1.0%), the cumulative Ed 
reaching approximately 10% of Ed,max.  Upon reaching LLP, the cumulative Ed reached 
approximately 80% of Ed,max.  It is noted that yielding of the PT bars did not contribute 
significantly to Ed,max.  The maximum contribution to Ed,max from the PT bars was 
approximately 7.7%.  Thus, nonlinear behavior in the concrete at the base of Panel 1 was 
the primary source of the total energy dissipation capacity of TW3.   
 
Miscellaneous 
Figure 6.75 shows the displaced shape of TW3 at selected limit states, which indicates 
the asymmetric behavior of TW3 associated with spalling.  Figure 6.76 shows the 
rotation profile of TW3 at selected limit states.  Figure 6.76 shows that, during testing, all 
floor levels experienced essentially a constant change in rotation, which indicates that 
rigid-body motion from gap opening behavior along the wall base contributed 
significantly to the rotation profile and displaced shape of TW3. 
 
Figure 6.77 shows the progression of the contact length, c, measured from the 
compression edge of the wall base for both eastward and westward loading.  The data 
plotted corresponds to the data summarized in Tables 6.2 and 6.3 for the limit states of 
DEC, SPL, LLP, and CCC as they first occurred during the loading history.  Initially, the 
wall base was in full contact with the foundation (i.e., c = 100 in.).  Figure 6.77 captures 
the unsymmetrical response at SPL due to concrete consolidation problems at the west 
end of Panel 1.  As shown in Figure 6.77, c was reduced and stabilized at SPL at 
approximately 18 in. for eastward loading.  For westward loading, c stabilized at LLP at 
approximately 28 in.  The contact lengths at failure were between 29 in. and 33 in. 
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6.5 TEST WALL TW4 
This section presents the test results for TW4, which has its properties summarized in 
Tables 5.5 and 5.8.  Test 4 was conducted as part of the experimental parametric 
investigation to study the effects of reducing the initial stress in the PT steel, fpi while 
maintaining the area of PT steel, Ap constant (and thus reducing the initial stress in the 
concrete due to post-tensioning, fci,p) on the lateral load response of TW4.  Section 6.5.1 
presents PT bar data obtained during prestressing of TW4.  Section 6.5.2 describes the 
response of TW4 under cyclic lateral loading.  The data presented in this section for TW4 
were obtained using selected instruments from those identified in Figure 5.21 and in 
Figures 5.49 through 5.57. 
 
6.5.1 Prestressing Data 
Table 5.5 identifies the PT bar arrangement for TW4, while Figure 5.57 shows the 
designations of all PT bars and PT bar strain gages.  As illustrated in Figure 5.57, TW4 
had six PT bars, designated PT1 through PT6 in increasing order from the west end of the 
wall.  As was discussed in Section 5.2.9, the prestressing forces were applied one PT bar 
at a time.  Figure 6.78 shows the normalized initial stress (i.e., fpi/fpu where fpu = 160 ksi) 
in the PT bars of TW4 during prestressing of TW4.  The target initial prestress level (i.e., 
fpi = 0.277fpu), which represents half of the initial prestress of TW1 through TW3, is 
identified in the plot using a dashed horizontal line.  As shown in Figure 6.78, the PT bars 
of T4 were stressed to fpi in the following order: PT3, PT4, PT2, PT5, PT1, and PT6.  At 
the end of the prestressing operation, the average prestress in the PT bars was 0.277fpu. 
 
The total elapsed time during prestressing of TW4 was 2.5 hours.  After TW4 was 
prestressed, data were collected at 10-minute intervals for two days to monitor the stress 
in the PT bars until TW4 was ready for testing.  No prestress losses were observed in the 
PT bars during the two days following the prestressing operation.  Thus, the average 
prestress in the PT bars prior to the application of gravity and lateral loads to TW3 was 
0.277fpu. 
 
6.5.2 Loading History 
Figure 6.79 shows the loading history for TW4, which consisted of the same lateral drift 
cycles as TW2 and TW3, except for the sets of cycles beyond a lateral drift of 3% that 
were added for TW4. 
 
6.5.3 Lateral Load Response 
Figure 6.80 shows the experimental lateral load response of TW4.  As shown in Figure 
6.80, the cyclic lateral load response of TW4 was nearly nonlinear elastic with an 
excellent self-centering capability and a small amount of energy dissipation per cycle of 
loading prior to failure.  The self-centering and energy dissipation of TW4 is quantified 
later. 
 
Figure 6.81 shows the variation of the gravity load, N applied to TW4.  Figure 6.81 
shows that N varied between 150 kips and 192 kips due to a lag in the gravity load 
system, as was discussed in Section 6.2.2.  The gravity load was controlled during Test 4 
 6-32 
by manually adjusting the pressure in the gravity load pump during the majority of the 
loading cycles throughout the test.  The average value of N supported by TW4 during 
Test 4 was 173.1 kips (excluding the drops in gravity load associated with failure of the 
test wall).  Recall that the target value of N was 173.4 kips. 
 
PT Bar Stresses and Forces 
Figure 6.82 shows the normalized stress (i.e., fp/fpu where fpu = 160 ksi) and force in each 
of the PT bars in TW4, plotted versus lateral drift.  As before, the stress was calculated 
from the strain measurement using an actual stress-strain curve for the PT bars (see 
Chapter 7), ensuring that the proper unloading and reloading stress-strain behavior for the 
PT steel was achieved.  The data shown in Figure 6.82 are used to identify if and when 
each PT bar yielded during Test 4.  In addition, the PT bar forces are used to determine 
the magnitude and location of C, the compression resultant at the base of the test wall, for 
selected limit states. 
 
Decompression (DEC)  
The first limit state reached during Test 4 was the decompression state (DEC), as 
identified in Figure 6.80. 
 
Figures 6.83 and 6.84 show various gap opening profiles along the base joint of TW4 for 
eastward and westward loading, respectively.  The gap opening profiles shown in Figures 
6.83 and 6.84 were obtained using the gap opening instruments identified in Figure 5.53.  
As shown in Figures 6.83 and 6.84, the gap opening profiles for DEC correspond to a 
state where the base joint of TW4 was closed, but gap opening was imminent at the west 
end and east end, respectively.  The base shear and lateral drift values at DEC (Vdec and 
Θdec) for TW4 were 30.1 kips and 0.04%, respectively and  
-32.2 kips and -0.05%, respectively, as summarized in Table 6.1.   
 
Tables 6.2 and 6.3 summarize TPT1 through TPT6, N, and Vy at DEC for TW4 for eastward 
and westward loading, respectively.  From vertical equilibrium, the compression resultant 
at the wall base at DEC, Cdec, is calculated as 499 kips for both eastward and westward 
loading.  Cdec was located 32.7 in. from the east end of the test wall for eastward loading 
and 31.9 in. from the west end for westward loading, as shown in Tables 6.2 and 6.3, 
respectively. 
 
Gap Opening 
Figures 6.85(a) and (b) are photographs of the base joint of Panel 1 at the west and east 
ends, respectively, showing the gap opening behavior which was observed after DEC as 
TW4 was held at the peak lateral drifts of 0.25% and -0.25%, respectively, during the 
first lateral drift cycle at 0.25%.  At lateral drifts of 0.25% and -0.25%, TW4 resisted 
base shear values of 76.2 kips and -73.3 kips, respectively.  Figure 6.86 shows the gap 
opening profiles along the base joint at lateral drifts of 0.25% and -0.25%.  As shown in 
Figure 6.86, at =Θ 0.25%, =GOW∆ 0.115 in. and the gap was approximately 67 in. long, 
measured from the west end of the test wall.  Similarly, at =Θ -0.25%, =GOE∆ 0.104 in. 
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and the gap was approximately 68 in. long, measured from the east end of the test wall.  
Figure 6.87, which plots the gap opening widths GOW∆  and GOE∆ , shows that displacing 
the test wall beyond DEC caused the gap along the base joint to open further.  Referring 
to Figure 6.80, displacing the wall beyond a lateral drift of 0.25% caused TW4 to 
undergo significant softening, which occurred due to gap opening behavior along the 
base joint and from nonlinear behavior in the concrete, as discussed next. 
 
Initiation of Cover Spalling 
Figure 6.80 identifies the points on the lateral load response curve of TW4 when cover 
spalling was first observed at the east and west ends of Panel 1 (labeled SPL).  As 
summarized in Table 6.1, the base shear and lateral drift values at SPL (i.e., Vspl and Θspl) 
were 97 kips and 0.74%, respectively and -103.4 kips and -0.94%, respectively.  Figure 
6.88 shows strain gage data and photographs that illustrate the spalling behavior at the 
east and west ends of Panel 1 during the first drift half-cycles to 1% and -1%, 
respectively.  
 
Referring to Figure 6.88, the maximum strains measured at the initiation of cover spalling 
were 2033µε and 1553µε for eastward and westward loading, respectively.   
 
When loading eastward, the compression resultant at the base of the test wall at SPL, Cspl, 
was 610 kips, and was located approximately 5.2 in. from the east end, as shown in Table 
6.2.  Figure 6.83 shows the gap opening profile at SPL, where GOW∆  was equal to 0.503 
in.  Referring to Figure 6.83, at SPL, the gap had propagated between GO6 and GO7 (i.e., 
approximately 84.5 in. from the west end).  Thus, the contact length at the east end of 
TW4 at SPL, cspl, was approximately 15.5 in., as shown in Table 6.3.  The estimated 
concrete stress in the contact region at the base of TW4 at SPL is 6.6 ksi, which is 
approximately 83% of the unconfined concrete strength of TW4 reported in Chapter 7 
(i.e., 8 ksi). 
 
 When loading westward, Cspl was 613 kips, and was located 4.0 in. from the west end, as 
shown in Table 6.2.  Figure 6.84 shows the gap opening profile at SPL, where GOE∆  was 
equal to 0.630 in.  Referring to Figure 6.84, at SPL, the gap had propagated between GO1 
and GO2 (i.e., approximately 87.5 in. from the east end).  Thus, the contact length at the 
west end of TW4 at SPL, cspl, was approximately 12.5 in., as shown in Table 6.2.  The 
estimated concrete stress in the contact region at the base of TW4 at SPL is 8.2 ksi, which 
is equal to the unconfined concrete strength of TW4 reported in Chapter 7 (i.e., 8 ksi). 
 
Yielding of PT1 and PT6 (LLP) 
Figure 6.82(a) shows that PT1 did not yield during Test 4.  However, when the base shear 
capacity, Vmax, of TW4 was reached during the first half-cycle to 3%, PT1 had reached 
93% of its yield strength (see Figure 6.82(a) and Figure 6.80).  Thus, instead of reporting 
data at LLP for PT1 yielding, which did not occur, it will be reported for Vmax for 
eastward loading.  Vmax was reached at a base shear of 132.1 kips and at a lateral drift of 
2.84%, as shown in Figure 6.80 and summarized in Table 6.1.  For westward loading, 
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LLP (i.e., PT6 yielding) occurred at a base shear, Vllp, of -140.6 kips and at a lateral drift, 
Θllp, of -2.90%. 
 
Figures 6.89 and 6.90 show the ends of the base of Panel 1 when loaded to Vmax under 
eastward loading and to LLP under westward loading, respectively.  As shown in Figures 
6.89 and 6.90, extensive spalling was observed at the compression ends of Panel 1, while 
the tension ends developed significant gap opening behavior.  The gap opening lengths at 
Vmax for eastward loading and at LLP for westward loading can be estimated using 
Figures 6.83 and 6.84, respectively.  Accordingly, the gap opening lengths at Vmax for 
eastward loading and at LLP for westward loading are estimated as 81 in. and 83 in., 
respectively, as summarized in Tables 6.2 and 6.3.  Thus, the post-spalling contact 
lengths at the wall base, c ′′ , at Vmax and at LLP were approximately 18.8 in. and 16.8 in., 
respectively. 
 
Tables 6.2 and 6.3 summarize the TPT1 through TPT6, N, and Vy at Vmax and at LLP for 
eastward and westward loading, respectively.  When loading eastward, Cllp was 930 kips 
and was located 10.7 in. from the east end.  For westward loading, Cllp, was 866 kips and 
was located 8.3 in. from the west end.  The estimated confined concrete stresses in the 
east and west contact regions at the base of TW4 at Vmax and at LLP are 10.4 ksi and 10.9 
ksi, respectively, which correspond to approximately 80% to 84% of the confined 
concrete strength of TW4 reported in Chapter 7 (i.e., 13 ksi). 
 
Referring to Figure 6.91, the maximum strain in PT6 was approximately 0.006 in./in, 
which is 7.7% of εpu.  It is noted that PT6 was the only PT bar to yield during Test 4. 
 
Loss of Prestress and Self-Centering Behavior 
Figures 6.82(a) through (f) show the normalized stress (i.e., fp/fpu, where fpu = 160 ksi) 
and force in PT1 through PT6, respectively, while Table 6.6 summarizes the prestress 
losses in each PT bar and in TW4 at zero drift after unloading TW4 from selected lateral 
drifts.  It is noted that Table 6.6 summarizes only the prestress losses up to the 
completion of the first cycle to 3%, before TW4 failed at either end.  Thus, the prestress 
losses reported in Table 6.6 do not include the losses due to shortening of TW4 after 
failure occurred at the ends.  However, the plots of Figure 6.82 include the effect of 
prestress losses in each PT bar due to shortening of TW4 after CCC was reached at the 
east end of the test wall.  Furthermore, the effect of CCC at the east end of TW4 on the 
self-centering capacity of TW4 is observed in Figure 6.80 but is not included in Table 6.6 
because it is understood that after CCC is reached, the self-centering of the test wall will 
be lost and thus is not representative of the actual performance of the test wall.  
Nevertheless, for completeness, the following discussion, which tracks the stress-strain 
behavior of PT6 during the entire loading history of TW4, includes the post-failure 
losses. 
 
Referring to Figure 6.82(f) and to Table 6.6, it is seen that PT6 lost approximately 8% of 
its prestress before LLP was reached.  However, after unloading TW4 from the first half-
cycle to -3% (point A in Figures 6.83(f) and 6.91), 15.6% of the initial prestress in PT6 
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was lost.  This represents the largest prestress loss in PT6 prior to CCC.  Unloading TW4 
from the third half-cycle to -3% (i.e., point B in Figures 6.83(f) and 6.91; after CCC had 
occurred at the east end), resulted in a 45.2% loss in the prestress of PT6, some of which 
could be attributed to shortening of the test wall during the previous half-cycle to the east.  
Lastly, upon unloading TW4 from the second half-cycle to -3.5% (i.e., point C in Figures 
6.83(f) and 6.91), 96.4% of the prestress in PT6 was lost.  Again, the prestress losses at 
zero drift after unloading from the first half-cycle to -3% (i.e., prior to CCC) are the 
primary losses of interest.  Referring to Table 6.6, TW4 had excellent self-centering 
behavior prior to CCC, with a residual drift of only -0.02%. 
 
Stiffness Degradation 
Figure 6.92 compares the lateral load response of TW4 for three sets of cycles to a lateral 
drift of 0.1%.  As shown in Figure 6.79, the first set of cycles to 0.1% represents the first 
time TW4 was subjected to this drift level.  The second set of cycles to 0.1% was 
preceded by the drift history up to a peak lateral drift of 0.5%.  Finally, the third set of 
cycles to 0.1% was preceded by the drift history up to a peak lateral drift of 2%.  As 
shown in Figure 6.92, the initial lateral stiffness of TW4, kwi, was 203.3 kip/in.  A 13.8% 
reduction in the lateral stiffness, kw, of TW4 was observed between the first set and 
second set of cycles to 0.1%.  From the second set of cycles to the third set of cycles to 
0.1%, kw reduced by 44.5%.  By the end of the third cycle to 2% drift, TW4 had sustained 
a total loss in kw of 52.1%.  The loss in kw can be attributed to nonlinear behavior of the 
concrete and of the grouted joint at the base as well as to prestress losses.  Figures 
6.93(a), (b), and (c) show the condition of Panel 1 at the ends at the third half-cycles to -
0.5%, -1.5%, and -2%, respectively.  It is seen that the ends of Panel 1 suffered some 
deterioration during the loading history prior to CCC, which contributed to the loss in the 
lateral stiffness of the test wall by reducing the concrete modulus as well as the moment 
of inertia of the test wall.  Referring to Table 6.6, it is seen that unloading TW4 from a 
lateral drift of -2% resulted in a 7% loss of the initial prestress on the wall.  A reduction 
in prestress resulted in a reduction of the lateral stiffness of TW4 because the overturning 
resistance provided by the prestressing was diminished. 
 
Base Shear Capacities 
The base shear capacities of TW4, Vmax, were 132.1 kips and -140.7 kips.  Referring to 
Figure 6.80, Vmax occurred at lateral drifts, ΘVmax, of 2.84% and -2.97%. 
 
Failure (CCC) 
TW4 failed at both ends of Panel 1 due to confinement failures (i.e., CCC).  It is noted 
that during the loading cycles to 3%, hoop fractures were heard, but the lateral load 
capacity of TW4 was not lost in a sudden manner.  Instead, the failure of TW4 was a 
gradual failure caused by various hoops fracturing at different instances until a sufficient 
number of hoops failed, resulting in a significant loss in base shear capacity and self-
centering capability of the test wall.  Thus, the failure of TW4 can be classified as a 
gradual failure, unlike the sudden failures observed for TW1 through TW3.   
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Figure 6.94(a) shows the condition of the east end of Panel 1 after TW4 was unloaded 
from the third half-cycle to 3%, which caused CCC at the east end.  Note the permanent 
compressive deformation at the east end caused by repeated loading to the east.  
Referring to Figure 6.95(a), it is seen that the residual compressive strain in the confined 
concrete at the east end was accumulated throughout the test and not solely after CCC 
was reached.  It is seen that at CCC, the confined concrete strain reached approximately 
16000µε.  As shown in Figure 6.95(a), displacing TW4 to a lateral drift of 3.5% did not 
result in straining of the confined concrete region beyond the strain at CCC.  This 
occurred because the base shear associated with this half-cycle was only 46% of Vccc, as 
shown in Figure 6.80.  Figure 6.94(b) is a photograph showing the permanent 
compressive deformation in the east region of Panel 1 after it was unloaded from the first 
half-cycle to 3.5%. 
 
Figure 6.94(c) is a photograph of the west end of Panel 1 as it was held at a lateral drift of 
-3.5%, during the first loading half-cycle.  Figure 6.95(b) shows the compressive strain in 
the confined region.  Note that the west end of Panel 1 also accumulated residual 
confined concrete strains until LLP was reached.  Thereafter, the compressive strains 
were reduced as the damaged region progressed toward the center of the wall.   
 
Figure 6.94(d) shows typical hoop fractures that were discovered after excavating the 
confined regions of Panel 1.  It is noted that all hoops fractured in the through-thickness 
direction.  The hoop fractures were observed in the bottom three levels of hoop steel, 
within 5 in. from the bottom edge of the test wall. 
 
Referring to Figure 6.80, the base shear and lateral drift values at CCC (i.e., Vccc and Θccc) 
were 103.9 kips and 2.97%, respectively and -102 kips and -3.59%, respectively. 
 
Figures 6.83 and 6.84 show that significant gap opening behavior was observed along the 
base joint at CCC.  It is noted that a linear curve-fit was used in Figure 6.84 to obtain the 
gap opening profile corresponding to CCC using the available gap opening instruments.  
Referring to Figures 6.83 and 6.84, the length of gap opening along the base at CCC, 
cccgol , , was approximately 71.5 in. for eastward loading and approximately 71 in. for 
westward loading.  The corresponding contact lengths at the base of TW4 are 
summarized in Tables 6.2 and 6.3 for eastward and westward loading, respectively.  
Table 6.2 shows that the post-spalling contact length at the base of TW4 at CCC, cccc ′′ , 
was approximately 28.3 in. (i.e., 28.5 in. - 0.25 in. of cover, measured to the centerline of 
the hoop steel) for eastward loading.  Similarly, Table 6.3 shows that cccc ′′ , was 
approximately 28.8 in. for westward loading.  Referring to Figures 6.83 and 6.84, GOW∆  
was 2.03 in. when CCC occurred at the east end of TW4, and GOE∆  was 2.34 in. when 
CCC occurred at the west end. 
 
Tables 6.2 and 6.3 summarize TPT1 through TPT6, N, and Vy at CCC for TW4.  From 
vertical equilibrium, Cccc is calculated as 830 kips for eastward loading and as 705 kips 
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for westward loading.  From moment equilibrium at the wall base, lC,,ccc is calculated as 
16 in. and 14.9 in. for eastward and westward loading, respectively.  The estimated 
confined concrete stress in the contact regions at the base of TW4 at CCC are 6.2 ksi for 
eastward loading and 5.2 ksi for westward loading, which corresponds to approximately 
48% and 40% of the confined concrete strength of TW4 reported in Chapter 7. 
  
Energy Dissipation 
Figure 6.96 shows a plot of the normalized cumulative energy dissipation (i.e., Ed/Ed,max) 
computed for TW4 at the completion of selected lateral drift full-cycles using Equation 6-
6.  For TW4, Ed,max was computed using Equation 6-6 up to the completion of the second 
lateral drift cycle to 3%, (i.e., prior to CCC).  Figure 6.96 shows the same general 
behavior observed for TW2 and TW3.  That is, for each set of drift cycles, the increment 
in normalized Ed was the same for repeated cycles at the same drift level.  For example, 
∆Ed(2.0 to 2.0) remained constant between the first and second cycles and between the 
second and third cycles at a lateral drift of 2.0%.  Furthermore, this increment was larger 
for repeated cycles at larger drift levels (e.g., ∆Ed(3.0 to 3.0) was larger than ∆Ed(2.0 to 2.0)).  
Lastly, the increment in normalized Ed increased when loading from the third cycle at a 
given drift level to the first cycle at a larger drift level; as the drift levels increased, so did 
the increment in normalized Ed.  For example, Figure 6.96 shows that ∆Ed(2.0  to 3.0) was 
greater than ∆Ed(1.0 to 1.5). 
 
For TW4, Ed,max was equal to 1384 kip-in.  Figure 6.74 shows that before cover spalling 
occurred at both ends of the test wall, the cumulative Ed was negligible.  However, after 
spalling was observed at both ends (during the first cycle to 1.0%), the cumulative Ed 
reaching approximately 11% of Ed,max.  Upon reaching LLP, the cumulative Ed reached 
approximately 84% of Ed,max.  It is noted that the contribution to Ed,max from yielding of 
PT6 was negligible.  Thus, nonlinear behavior in the concrete at the base of Panel 1 was 
the primary source of the total energy dissipation capacity of TW4.   
 
Miscellaneous 
Figure 6.97 shows the displaced shape of TW4 at selected limit states, while Figure 6.98 
shows the rotation profile of TW4 at the same limit states.  Figure 6.97 shows that, during 
testing, all floor levels experienced essentially a constant change in rotation, which 
indicates that rigid-body motion from gap opening behavior along the wall base 
contributed significantly to the rotation profile and displaced shape of TW4. 
Figure 6.99 shows the progression of the contact length, c, measured from the 
compression edge of the wall base for both eastward and westward loading.  The data 
plotted corresponds to the data summarized in Tables 6.2 and 6.3 for the limit states of 
DEC, SPL, LLP, Vmax, and CCC as they first occurred during the loading history.  
Initially, the wall base was in full contact with the foundation (i.e., c = 100 in.).  By Vmax 
and LLP, c was reduced to approximately 19 in. for eastward loading and to 
approximately 18 in. for westward loading.  The contact lengths at failure were 
approximately 29 in., which were larger than those corresponding to the previous two 
selected limit states.  This is attributed to the accumulation of compressive deformations 
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near the ends of Panel 1 which caused the NA to shift toward the center of the wall so 
that the adjacent concrete could help support the compression resultant at the wall base. 
 
6.6 TEST WALL TW5 
This section presents the test results for TW5, which has its properties summarized in 
Tables 5.5 and 5.9.  Test 5 was conducted as part of the experimental parametric 
investigation to study the effects of reducing the total area of PT steel, Ap, while 
maintaining the initial stress in the PT steel, fpi constant (and thus reducing the initial 
stress in the concrete due to post-tensioning, fci,p) on the lateral load response of TW5.  
Section 6.6.1 presents PT bar data obtained during prestressing of TW5.  Section 6.6.2 
describes the response of TW5 under cyclic lateral loading.  The data presented in this 
section for TW5 were obtained using selected instruments from those identified in Figure 
5.21 and in Figures 5.58 through 5.66. 
 
6.6.1 Prestressing Data 
Table 5.5 identifies the PT bar arrangement for TW5, while Figure 5.66 shows the 
designations of all PT bars and PT bar strain gages.  As illustrated in Figure 5.66, TW5 
had three PT bars, designated PT1 through PT3 in increasing order from the west end of 
the wall.  As was discussed in Section 5.2.9, the prestressing forces were applied one PT 
bar at a time.  Figure 6.100 shows the normalized initial stress (i.e., fpi/fpu where fpu = 160 
ksi) in the PT bars of TW5 during prestressing of TW5.  The target initial prestress level 
(i.e., fpi = 0.553fpu), is identified in the plot using a dashed horizontal line.  As shown in 
Figure 6.100, the PT bars of T5 were stressed to fpi in the following order: PT2 to the full 
target prestress level; PT3 to half the target prestress level; PT1 to the full target prestress 
level; and PT3 to the full target prestress level.  At the end of the prestressing operation, 
the average prestress in the PT bars was 0.547fpu; 1% less than the intended target value. 
 
The total elapsed time during prestressing of TW4 was two hours.  After TW5 was 
prestressed, data were collected at 10-minute intervals for two days to monitor the stress 
in the PT bars until TW5 was ready for testing.  No prestress losses were observed in the 
PT bars during the two days following the prestressing operation.  Thus, the average 
prestress in the PT bars prior to the application of gravity and lateral loads to TW5 was 
0.547fpu. 
 
6.6.2 Loading History 
Figure 6.101 shows the loading history for TW5, which consisted of the same lateral drift 
cycles as TW2 and TW3, except for the sets of cycles beyond a lateral drift of 3% that 
were added for TW5. 
 
6.6.3 Lateral Load Response 
Figure 6.102 shows the experimental lateral load response of TW5.  As shown in Figure 
6.102, the cyclic lateral load response of TW5 was nearly nonlinear elastic with an 
excellent self-centering capability and a small amount of energy dissipation per cycle of 
loading.  Furthermore, TW5 sustained three cycles to a lateral drift of 6% without failure. 
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Figure 6.103 shows the variation of the gravity load, N applied to TW5.  Figure 6.103 
shows that N varied between 162 kips and 186 kips due to a lag in the gravity load 
system, as was discussed in Section 6.2.2.  The gravity load was controlled during Test 5 
by manually adjusting the pressure in the gravity load pump during the majority of the 
loading cycles throughout the test.  The average value of N supported by TW5 during 
Test 5 was 173.4 kips, which is equal to the target value of N. 
 
PT Bar Stresses and Forces 
Figure 6.104 shows the normalized stress (i.e., fp/fpu where fpu = 160 ksi) and force in each 
of the PT bars in TW5, plotted versus lateral drift.  As before, the stress was calculated 
from the strain measurement using an actual stress-strain curve for the PT bars (See 
Chapter 7), ensuring that the proper unloading and reloading stress-strain behavior for the 
PT steel was achieved.  The data shown in Figure 6.104 are used to identify when each 
PT bar yielded during Test 5.  In addition, the PT bar forces are used to determine the 
magnitude and location of C, the compression resultant at the base of the test wall, for 
selected limit states. 
 
Decompression (DEC)  
The first limit state reached during Test 5 was the decompression state (DEC), as 
identified in Figure 6.102. 
Figures 6.105 and 6.106 show various gap opening profiles along the base joint of TW5 
for eastward and westward loading, respectively.  The gap opening profiles shown in 
Figures 6.105 and 6.106 were obtained using the gap opening instruments identified in 
Figure 5.62.  As shown in Figures 6.105 and 6.106, the gap opening profiles for DEC 
correspond to a state where the base joint of TW5 was closed, but gap opening was 
imminent at the west end and east end, respectively.  The base shear and lateral drift 
values at DEC (Vdec and Θdec) for TW5 were 28.4 kips and 0.05%, respectively and  
-29.8 kips and -0.04%, respectively, as summarized in Table 6.1.   
 
Tables 6.2 and 6.3 summarize TPT1 through TPT3, N, and Vy at DEC for TW5 for eastward 
and westward loading, respectively.  From vertical equilibrium, the compression resultant 
at the wall base at DEC, Cdec, is calculated as 500 kips and 502 kips for eastward and 
westward loading, respectively.  Cdec was located 33.9 in. from the east end of the test 
wall for eastward loading and 33.3 in. from the west end for westward loading, as shown 
in Tables 6.2 and 6.3, respectively. 
 
Gap Opening 
Figure 6.107 shows the gap opening profiles at the base of Panel 1 during the first 
loading cycle to a lateral drift of 0.25%.  At these drifts, TW5 resisted base shear values 
of 64.5 kips and -70.0 kips, respectively.  As shown in Figure 6.107 at =Θ 0.25%, 
=GOW∆ 0.042 in. and the gap was approximately 56 in. long, measured from the west end 
of the test wall.  Similarly, at =Θ -0.25%, =GOE∆ 0.052 in. and the gap was 
approximately 59 in. long, measured from the east end of the test wall.  Figure 6.108, 
which plots the gap opening widths GOW∆  and GOE∆ , shows that displacing the test wall 
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beyond DEC caused the gap along the base joint to open further.  Referring to Figure 
6.102, displacing the wall beyond a lateral drift of 0.25% caused TW5 to undergo 
significant softening, which occurred due to gap opening behavior along the base joint 
and from nonlinear behavior in the concrete, as discussed next. 
 
Initiation of Cover Spalling 
Figure 6.102 identifies the points on the lateral load response curve of TW5 when cover 
spalling was first observed at the east and west ends of Panel 1 (labeled SPL).  As 
summarized in Table 6.1, the base shear and lateral drift values at SPL (i.e., Vspl and Θspl) 
were 86.9 kips and 0.65%, respectively and -85.9 kips and -0.65%, respectively.  Figure 
6.109 shows strain gage data and photographs that illustrate the spalling behavior at the 
east and west ends of Panel 1 during the first drift half-cycles to 1% and -1%, 
respectively.  
 
Referring to Figure 6.109, the maximum strains measured at the initiation of cover 
spalling were 1915µε and 2852µε for eastward and westward loading, respectively.   
 
When loading eastward, the compression resultant at the base of the test wall at SPL, Cspl, 
was 529 kips, and was located approximately 3.8 in. from the east end, as shown in Table 
6.2.  Figure 6.105 shows the gap opening profile at SPL, where GOW∆  was equal to 0.253 
in.  Referring to Figure 6.105, at SPL, the gap had propagated between GO6 and GO7 
(i.e., approximately 81.8 in. from the west end).  Thus, the contact length at the east end 
of TW4 at SPL, cspl, was approximately 18.2 in., as shown in Table 6.3.  The estimated 
concrete stress in the contact region at the base of TW5 at SPL is 4.8 ksi, which is 
approximately 61% of the unconfined concrete strength of TW5 reported in Chapter 7 
(i.e., 8 ksi). 
 
 When loading westward, Cspl was 527 kips, and was located 4.8 in. from the west end, as 
shown in Table 6.2.  Figure 6.106 shows the gap opening profile at SPL, where GOE∆  was 
equal to 0.241 in.  Referring to Figure 6.106, at SPL, the gap had propagated between 
GO1 and GO2 (i.e., approximately 79.5 in. from the east end).  Thus, the contact length 
at the west end of TW4 at SPL, cspl, was approximately 20.5 in., as shown in Table 6.2.  
The estimated concrete stress in the contact region at the base of TW5 at SPL is 4.3 ksi, 
which is approximately 54% of the unconfined concrete strength of TW5 reported in 
Chapter 7 (i.e., 8 ksi). 
 
Yielding of PT1 and PT3 (LLP) 
Referring to Figure 6.104(a), PT1 yielded at a lateral drift of 1.44%.  Figure 6.104(c) 
shows that PT3 yielded at a lateral drift of -1.50%.  Accordingly, TW5 reached the LLP 
state at base shear and lateral drift values (i.e., Vllp and Θllp) of 97.8 kips and 1.44%, 
respectively, and -97.7 kips and -1.50%, respectively, as shown in Figure 6.102 and 
summarized in Table 6.1.  Figures 6.110(a) and (b) show the ends of the base of Panel 1 
when loaded eastward to LLP, while Figures 6.110(c) and (d) show the same for 
westward loading to LLP.  As shown in Figure 6.110, minor spalling was observed at the 
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compression ends of Panel 1, while the tension ends developed significant gap opening 
behavior.  The gap opening lengths at LLP for eastward and westward loading can be 
estimated using Figures 6.105 and 6.106, respectively.  Accordingly, the gap opening 
lengths at LLP, llpgol , , are estimated as 85.5 in. for eastward loading and as 86 in. for 
westward loading, as summarized in Tables 6.2 and 6.3, respectively.  Thus, the post-
spalling contact lengths at the wall base at LLP, llpc ′′ , were approximately 14.3 in. for 
eastward loading and 13.8 in. for westward loading. 
 
Tables 6.2 and 6.3 summarize the TPT1 through TPT3, N, and Vy at LLP for eastward and 
westward loading, respectively.  When loading eastward, Cllp was 601 kips and was 
located 5.0 in. from the east end.  For westward loading, Cllp, was 603 kips and was 
located 6.3 in. from the west end.  The estimated confined concrete stresses in the east 
and west contact regions at the base of TW5 at LLP are 8.7 ksi and 9.1 ksi, respectively, 
which correspond to approximately 67% to 70% of the confined concrete strength of 
TW5 reported in Chapter 7 (i.e., 13 ksi). 
 
Referring to Figure 6.111, the maximum strain in PT1 was approximately 0.011 in./in, 
which is 14% of εpu.  The maximum strain in PT3 was approximately 0.012 in./in.  Thus, 
even though TW5 was displaced laterally to a drift of 6%, approximately 86% of εpu 
remained in PT1 and PT3.  Therefore, a large margin of safety against fracture of the PT 
steel was observed. 
 
Loss of Prestress and Self-Centering Behavior 
Figures 6.104(a) through (c) show the normalized stress (i.e., fp/fpu, where fpu = 160 ksi) 
and force in PT1 through PT3, respectively, while Table 6.7 summarizes the prestress 
losses in each PT bar and in TW5 at zero drift after unloading TW5 from selected lateral 
drifts. 
 
Referring to Figure 6.104 and to Table 6.7, it is seen that the three PT bars in TW5 lost 
their entire initial prestress by start of the first half-cycle to -6%.  This occurred because 
the PT steel was strained beyond the yield strain, εpy (i.e., 0.0048 in./in., as shown in 
Chapter 7) by an amount that was equal to the initial strain corresponding to fpi (i.e., 
approximately 0.003 in./in.).  For example, Figure 6.111 shows that PT1 lost its entire 
prestress after TW5 was unloaded from a lateral drift of 3.5%, which subjected PT1 to a 
strain of 0.0076 in./in.  Table 6.7 shows that after TW5 was unloaded from the first half-
cycle to 6%, the entire prestress in the test wall was lost.  However, despite losing its 
entire prestress, TW5 maintained an excellent ability to self center, as shown in Figure 
6.102 and in Table 6.7.  This can be explained using Figure 6.104 as follows.  Consider 
TW5 at zero drift after having lost its entire prestress (i.e., after being subjected to the 
first full cycle to a lateral drift of 6%).  Loading eastward beyond a lateral drift of 2.5% 
causes the forces in PT1 and PT2, referred to as TPT1 and TPT2, respectively, to increase 
slightly.  If TW5 were unloaded from this drift level, the gravity load alone would be 
sufficient to cause TW5 to self-center.  As the lateral drift is increased, TPT1 and TPT2 are 
increased as well.  At a lateral drift of 6%, TPT1 and TPT2 reach the yield force of the PT 
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steel.  The force that develops in PT1 and PT2 is sufficient to cause TW5 to return toward 
its initial position upon the removal of the lateral load.  However, as TW5 approaches a 
zero drift, the effectiveness of PT1 and PT2 in centering TW5 diminishes as TPT1 and TPT2 
begin to decrease.  It is at that point that the gravity load is sufficient to cause TW5 to 
self-center.  Thus, self-centering of a wall can be achieved despite losing the entire 
prestress. 
 
Stiffness Degradation 
Figure 6.112 compares the lateral load response of TW5 for three sets of cycles to a 
lateral drift of 0.1%.  As shown in Figure 6.101, the first set of cycles to 0.1% represents 
the first time TW5 was subjected to this drift level.  The second set of cycles to 0.1% was 
preceded by the drift history up to a peak lateral drift of 0.5%.  Finally, the third set of 
cycles to 0.1% was preceded by the drift history up to a peak lateral drift of 2%.  As 
shown in Figure 6.112, the initial lateral stiffness of TW5, kwi, was 186.8 kip/in.  A 
54.2% reduction in the lateral stiffness, kw, of TW5 was observed between the first set 
and second set of cycles to 0.1%.  From the second set of cycles to the third set of cycles 
to 0.1%, kw reduced by 38.9%.  By the end of the third cycle to 2% drift, TW5 had 
sustained a total loss in kw of 72.0%.  The loss in kw can be attributed partially to 
nonlinear behavior of the concrete and the grouted joint at the base, but mostly to the 
prestress losses suffered by the test wall.  Figures 6.113(a), (b), and (c) show the 
condition of Panel 1 at the ends at the third half-cycles to -0.5%, -1.5%, and -2%, 
respectively.  It is seen that the ends of Panel 1 suffered minor deterioration during the 
loading history, which contributed minimally to the loss in the lateral stiffness of the test 
wall.  Referring to Table 6.6, it is seen that unloading TW5 from a lateral drift of -2% 
resulted in a 20% loss of the initial prestress on the wall.  A reduction in prestress 
resulted in a reduction of the lateral stiffness of TW5 because the overturning resistance 
provided by the prestressing was diminished. 
 
Base Shear Capacities 
The base shear capacities of TW5, Vmax, were  99.0 kips and -98.3 kips.  Referring to 
Figure 6.102, Vmax occurred at lateral drifts, ΘVmax, of 1.86% and -2.0%. 
 
End of Test 
Figure 6.102 shows that TW5 was displaced up to a maximum drift of 6% without 
failing.  The maximum drift of 6% was the largest drift that the test fixture could 
accommodate.  Figures 6.114(a) and (b) show the condition at the ends of the base of 
Panel 1 as W5 was held at a lateral drift of 6% during the first loading cycle.  Figure 
6.114(c) is a photograph of TW5 showing the displaced configuration at this drift level.  
Similarly, Figure 6.115 shows the condition of TW5 at a lateral drift of -6%.  Note the 
extraordinary gap opening behavior at the base of the wall, shown in Figures 6.114(a) and 
6.115(b) for eastward and westward loading, respectively.  The gap that develops along 
the base joint is wide enought that the outermost PT bars are visible (e.g., PT1 in Figure 
6.114(a)).   
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Referring to Figures 6.105 and 6.106, the gap opening widths for eastward and westward 
loading, GOW∆  and GOE∆ , respectively are estimated as 4.8 in. and 4.6 in., respectively.  It 
is noted that a linear curve-fit was used in Figure 6.105 to obtain the gap opening profile 
corresponding to Θ = 6% using the available gap opening instruments.  The gap opening 
lengths for Θ = 6% and Θ = -6% are estimated as 83.5 in. and 83 in., respectively.  The 
corresponding contact lengths at the base of TW5 are summarized in Tables 6.2 and 6.3 
for eastward and westward loading, respectively.  Tables 6.2 shows that the contact 
length at the base of TW5, c ′′  at Θ = 6% was approximately 16.3 in. (i.e., 16.5 in. - 0.25 
in. of cover, measured to the center of the hoop steel).  Similarly, Table 6.3 shows that c ′′  
was approximately 16.8 in. for Θ = -6%. 
 
Tables 6.2 and 6.3 summarize TPT1 through TPT3, N, and Vy for TW5 at Θ = 6% and Θ =  
-6%, respectively.  From vertical equilibrium, the compression resultant, C is calculated 
as 508 kips and as 511 kips at Θ = 6% and Θ = -6%, respectively.  From moment 
equilibrium at the wall base, lC is calculated as 10.7 in. and 5.9 in. for eastward and 
westward loading, respectively.  The estimated confined concrete stress in the contact 
regions at the base of TW5 at Θ = 6% and Θ = -6% are 6.6 ksi and 6.4 ksi, respectively, 
which corresponds to approximately 51% and 49% of the confined concrete strength of 
TW5 reported in Chapter 7. 
 
Referring to Figures 6.114(b) and 6.115(a), it is seen that TW5 did not suffer a significant 
amount of damage at the base of the ends of Panel 1.  This is attributed to the small 
amount of initial prestress on the wall and to the small amount of PT steel in the wall, 
which maintains the compressive stresses at the wall base lower compared to a wall with 
a larger number of PT bars.  This will be discussed in more detail later.  Figure 6.116 
shows the confined concrete compressive strain at the east end of TW5, which was 
typical of both ends.  Note that a maximum residual confined concrete strain of 
approximately 3000µε was measured at the end of Test 5 indicating that the ends were 
permanently compressed.  Furthermore, the compressive strain in the confined concrete 
reached approximately 5700µε at a lateral drift of 3% and remained essentially constant 
up to a lateral drift of 6%.  
 
Energy Dissipation 
Figure 6.117 shows a plot of the normalized cumulative energy dissipation (i.e., Ed/Ed,max) 
computed for TW5 at the completion of selected lateral drift full-cycles using Equation 6-
6.  For TW5, Ed,max was computed using Equation 6-6 up to the end of the test.  Figure 
6.117 shows the same general behavior observed for previous test walls in the current 
experimental study.  That is, for each set of drift cycles, the increment in normalized Ed 
was the same for repeated cycles at the same drift level.  For example, ∆Ed(2.0 to 2.0) 
remained constant between the first and second cycles and between the second and third 
cycles at a lateral drift of 2.0%.  Furthermore, this increment was larger for repeated 
cycles at larger drift levels (e.g., ∆Ed(5.0 to 5.0) was larger than ∆Ed(2.0 to 2.0)).  Lastly, the 
increment in normalized Ed increased when loading from the last cycle at a given drift 
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level to the first cycle at a larger drift level; as the drift levels increased, so did the 
increment in normalized Ed.  For example, Figure 6.117 shows that ∆Ed(3.0  to 4.0) was 
greater than ∆Ed(2.0 to 3.0). 
 
For TW5, Ed,max was equal to 1189 kip-in.  Figure 6.117 shows that before cover spalling 
occurred at both ends of the test wall, the cumulative Ed was negligible.  However, after 
spalling was observed at both ends (during the first cycle to 1.0%), the cumulative Ed 
reaching approximately 6% of Ed,max.  Upon reaching LLP, the cumulative Ed reached 
approximately 10.3% of Ed,max.  For the lateral drift cycles following LLP, the cumulative 
Ed was significantly increased.  It is noted that the contribution to Ed,max from yielding of 
the PT bars was 79.4% of Ed,max.  Thus, yielding of the PT bars contributed significantly 
to the total energy dissipation capacity of TW5, while the remaining contribution came 
from nonlinear behavior of the concrete at the base of Panel 1. 
 
Miscellaneous 
Figure 6.118 shows the displaced shape of TW5 at selected limit states.  When TW5 
reached a lateral drift of 6%, most of the lateral displacement instruments along the 
height of the test wall were out of range.  Therefore, only one point was available to 
represent the displaced shape at Θ = 6% and Θ = -6%.  Figures 6.114(c) and 6.115(c) 
show the displaced state of TW5 at these peak drift levels. 
 
Figure 6.119 shows the progression of the contact length, c, measured from the 
compression edge of the wall base for both eastward and westward loading.  The data 
plotted corresponds to the data summarized in Tables 6.2 and 6.3 for the limit states of 
DEC, SPL, LLP, and for Θ = ± 6% as they first occurred during the loading history.  
Initially, the wall base was in full contact with the foundation (i.e., c = 100 in.).  At SPL, 
c was reduced to approximately 18.2 in. for eastward loading and to 20.5 in. for westward 
loading.  By LLP, c was reduced to approximately 14.5 in. for eastward loading and to 
approximately 14 in. for westward loading.  The contact lengths at Θ = ± 6% were 
approximately 16.5 in. and 17 in., respectively, which were slightly larger than the 
contact lengths at LLP.  This can be attributed to the accumulation of compressive 
deformations near the ends of Panel 1 which caused the NA to shift toward the center of 
the wall so that the adjacent concrete could help support the compression resultant at the 
wall base. 
 
6.7 DISCUSSION OF EXPERIMENTAL RESULTS 
This section compares the experimental lateral load response of the test walls and 
describes how the parameters identified in Section 5.2.3 and summarized in Table 5.5 
influenced the lateral load response of each test wall.  In particular, emphasis is placed on 
the effect of the design parameters on base shear and lateral drift response quantities 
corresponding to selected limit states.  In the ensuing discussion, envelope lateral load 
response curves are presented for the test walls.  These envelope curves were obtained by 
plotting the base shear corresponding to the peak drift for each of the first loading cycles 
to the target drifts.  In addition, the envelope curves include the base shear and lateral 
drift values corresponding to the test wall limit states. 
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6.7.1 TW1 versus TW2 
Referring to Table 5.5, TW1 and TW2 are compared to study the effect of monotonic 
versus cyclic lateral loading on the test walls.  The experimental results of TW1 and TW2 
were discussed separately in Sections 6.2 and 6.3, respectively.  Figure 6.120 compares 
the experimental lateral load response of TW1 and TW2.  Figure 6.120(a) compares the 
complete lateral load response curves of both test walls, while Figure 6.120(b) compares 
the complete response curve of TW1 to the envelope response curve of TW2.  Figure 
6.120(a) shows that the monotonic lateral load response of TW1forms an envelope to the 
cyclic lateral load response of TW2.  Referring to Figure 6.120(b), TW1 and TW2 
behaved very similarly.  Tables 6.1 compares the base shear and lateral drift values for 
TW1 and TW2 at DEC, SPL, LLP, and CCC, which are identified in Figure 6.120(b) 
using the symbols that have been previously used to represent these limit states.  Table 
6.1 shows that, except for Θccc, the base shear and lateral drift response quantities are 
very similar for TW1 and TW2 for both eastward and westward loading.  This is due to 
the fact that both TW1 and TW2 had the same wall parameters, which are summarized in 
Table 5.5.  Recall that TW2 failed in an unstable manner during eastward loading.  
Therefore, Vccc and Θccc for TW1 and for eastward loading of TW2 were not in 
agreement.  However, CCC was achieved in TW2 for westward loading.  As shown in 
Table 6.1, TW1 and TW2 had the same Vccc capacity, but Θccc for TW2 was 
approximately 79% of the value of Θccc for TW1.  The reduction in Θccc for TW2 can be 
attributed to the degradation of the confined concrete that occurred under cyclic loading. 
 
6.7.2 TW2 versus TW3 
Referring to Table 5.5, TW2 and TW3 are compared to study the effects of changing the 
confining reinforcement details on the lateral load response of the test walls.  In 
particular, the effectiveness of the improved reinforcement details in preventing the 
unstable failure mode observed at the end of Test 2 was evaluated with Test 3.  The 
experimental results of TW2 and TW3 were discussed separately in Sections 6.3 and 6.4, 
respectively.  Figure 6.121 compares the experimental lateral load response of TW2 and 
TW3.  Figure 6.121(a) compares the complete lateral load response curves of both test 
walls, while Figure 6.121(b) compares the envelope response curves.  Table 6.1 compares 
the base shear and lateral drift response quantities corresponding to selected limit states 
for TW2 and TW3. 
 
Decompression (DEC) 
Referring to Figure 6.121(b) and to Table 6.1, it is seen that both TW2 and TW3 
decompressed at the same lateral drift, Θdec, but at slightly different base shear values, 
Vdec.  Θdec was the same for TW2 and TW3 because both test walls had the same initial 
stress on the concrete due to post-tensioning, fci,p (see Table 5.5) and thus had to 
overcome the same level of fci,p at the tension end of the base of Panel 1 to reach DEC. 
 
Initiation of Cover Spalling (SPL) 
Figure 6.121(b) and Table 6.1 show that cover spalling of TW2 and TW3 initiated at 
similar values of Θspl and Vspl for eastward loading, but not for westward loading.  The 
early spalling behavior observed for TW3 under westward loading is believed to have 
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resulted from improper consolidation of the concrete in the confined concrete region at 
the west end of Panel 1.  This early spalling behavior was indicative of the weaker west 
end of TW3 that resulted in softer behavior under westward loading, as shown in Figure 
6.121. 
 
Yielding of PT1 and PT6 (LLP) 
Figure 6.121(b) and Table 6.1 show that, for TW2 and TW3, yielding of PT1 and PT6 
(i.e., LLP) was reached at similar base shear and lateral drift values (i.e,. Vllp and Θllp).  
This occurred because both test walls had the same area of PT steel, Ap, the same initial 
prestress in each PT bar, fpi, and the same eccentricity of the PT steel, ep. 
 
Base Shear Capacities (Vmax) 
Referring to Figure 6.121(b), the base shear capacities of TW2 and TW3 were very 
similar.  This is partly attributed to the fact that the confining reinforcement details of 
TW2 and TW3 were able to prevent a premature crushing failure at the test wall ends.  
Furthermore, TW2 and TW3 developed similar Vmax capacities because the prestressing 
parameters (including ep) were the same for both test walls, enabling them to develop the 
same overall bending resistance (and thus the same base shear resistance). 
 
Failure (CCC) 
Figure 6.121(b) and Table 6.1 show that for westward loading, TW3 failed at lower Vccc 
and Θccc values than did TW2.  This is believed to have resulted from a lack of 
consolidation of the concrete within the confined concrete region at the west end of Panel 
1 for TW3.  For eastward loading, Vccc and Θccc for TW3 were lower than the peak lateral 
drift and associated base shear reached by TW2 prior to failing in an unstable manner.  
This can be attributed to the strength of the hoop confined concrete in TW3, which is 
approximately 80% of the strength of the spiral confined concrete in TW2.  Although 
TW3 did not reach the same peak lateral drifts that TW2 reached, the response of TW3 is 
preferred because TW3 did not exhibit an unstable failure mode as did TW2.  Therefore, 
at the end of Test 3, it was concluded that the reinforcement details provided for TW3 
were effective in preventing the unstable failure mode observed at the end of Test 2. 
 
6.7.3 TW3 versus TW4 
Referring to Table 5.5, TW3 and TW4 are compared to study the effects of reducing the 
initial stress in the PT steel, fpi while maintaining the area of PT steel, Ap constant (and 
thus reducing the initial stress in the concrete due to post-tensioning, fci,p) on the lateral 
load response of the test walls.  As shown in Table 5.5, the normalized initial stress in the 
PT steel, fpi/fpu (where fpu = 160 ksi) for TW4 was 0.277 and fpi/fpu for TW3 was 1.19.  
The experimental results of TW3 and TW4 were discussed separately in Sections 6.4 and 
6.5, respectively.  Figure 6.122 compares the experimental lateral load response of TW3 
and TW4.  Figure 6.122(a) compares the complete lateral load response curves of both 
test walls, while Figure 6.122(b) compares the envelope response curves.  Table 6.1 
compares the base shear and lateral drift response quantities corresponding to selected 
limit states for TW3 and TW4. 
Decompression (DEC) 
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Referring to Figure 6.122(b) and to Table 6.1, it is seen that Vdec and Θdec for TW4 were 
less than those for TW3, indicating that TW4 decompressed before TW3.  On average, 
Vdec and Θdec for TW4 were 57% and 64% of the values of Vdec and Θdec for TW3, 
respectively.  This occurred because TW4, which had a lower fci,p than that of TW3,  had 
less resistance to overturning than did TW3, which resulted in earlier decompression 
behavior for TW4.  The earlier decompression behavior resulted in earlier softening, as 
shown in Figure 6.122(b). 
 
Initiation of Cover Spalling (SPL) 
Figure 6.122(b) and Table 6.1 show that, for eastward loading, cover spalling of TW3 
and TW4 initiated at similar values of Θspl.  For westward loading, the lateral load 
response of TW3 was affected by improper consolidation of the concrete in the confined 
concrete region at the west end of Panel 1.  Thus, the early softening behavior observed 
for westward loading of TW3 was an aberration.  For eastward loading, Vspl was 30% 
lower for TW4 than for TW3.  This can be explained as follows.  Tables 6.2 and 6.3 show 
that at SPL the PT bar forces, TPT1 through TPT6, were significantly greater for TW3 than 
for TW4.  As a result, the compression resultant at the wall base, C was 34% smaller for 
TW4 than for TW3 at SPL.  Thus, to maintain moment equilibrium, the base moment 
(and thus the base shear) at SPL had to be lower for TW4 than for TW3. 
 
Yielding of PT1 and PT6 (LLP) 
Figure 6.122(b) and Table 6.1 show that reducing fpi in TW4 resulted in a larger value of 
Θllp compared to that of TW3 (note that PT1 in TW4 did not yield).  LLP was delayed for 
TW4 because reducing fpi while maintaining Ap constant reduced the initial strain in PT1 
and PT6.  As a result, a larger gap opening width along the base joint (and thus a larger 
lateral drift) was required to yield the PT bars of TW4. 
 
Figure 6.122(b) and Table 6.1 show that reducing fpi in TW4 did not affect Vllp.  Vllp was 
not affected by fpi because TW3 and TW4 had the same Ap and ep parameters which 
enabled the test walls to develop the same resistance to overturning once yielding of the 
outermost PT bars occurred (i.e., once LLP was reached).   
 
Base Shear Capacities (Vmax) 
Figure 6.122(b) shows that the base shear capacities, Vmax of TW3 and TW4 were the 
same for westward loading, but different for eastward loading.  For westward loading, 
TW3 and TW4 had similar values of Vmax because Vmax was reached after LLP and, as 
was discussed above, at LLP both test walls developed the same resistance to overturning 
since Ap and ep were the same in these walls.  For eastward loading, Vmax for TW4 was 
14% less than that for TW3 because LLP was not reached in TW3 (i.e., PT1 did not 
yield) and thus the overturning resistance of TW3 remained less than that of TW4. 
  
Failure (CCC) 
Figure 6.122(b) and Table 6.1 show that TW4 failed at larger Θccc values than did TW3.  
The difference was more pronounced for westward loading because the confined concrete 
at the west end of TW4 did not degrade as much as did the confined concrete at the east 
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end of TW4, as illustrated in Figure 6.122(a) by the difference in the hysteresis loops of 
TW4 during the loading cycles to Θ = ± 3%.  Θccc was larger for TW4 than for TW3 
because fci,p was lower in TW4, which resulted in a larger strain difference between the 
initial strain and the ultimate strain in the confined concrete.  On average, Vccc was 
approximately 17% lower for TW4 than for TW3.  This was caused by the deterioration 
of the confined concrete regions at the ends of Panel 1 of TW4 during the lateral drift 
cycles at 3% and beyond.  The confined concrete regions of TW3 did not experience the 
same level of deterioration because TW3 failed prior to reaching repeated cycles to drift 
levels at and beyond 3%. 
 
6.7.4 TW3 versus TW5 
Referring to Table 5.5, TW3 and TW5 are compared to study the effects of reducing the 
area of PT steel, Ap while maintaining the initial stress in the PT steel, fpi constant (and 
thus reducing fci,p) on the lateral load response of the test walls.  As shown in Table 5.5, 
Ap for TW5 was 3.75 in.2 and Ap for TW3 was 7.5 in.2.  The experimental results of TW3 
and TW5 were discussed separately in Sections 6.4 and 6.6, respectively.  Figure 6.123 
compares the experimental lateral load response of TW3 and TW5.  Figure 6.123(a) 
compares the complete lateral load response curves of both test walls, while Figure 
6.123(b) compares the envelope response curves.  Table 6.1 compares the base shear and 
lateral drift response quantities corresponding to selected limit states for TW3 and TW5. 
 
Decompression (DEC) 
Referring to Figure 6.123(b) and to Table 6.1, it is seen that Vdec and Θdec for TW5 were 
less than those for TW3, indicating that TW4 decompressed before TW3.  On average, 
Vdec and Θdec for TW5 were 53% and 64% of the values of Vdec and Θdec for TW3, 
respectively.  This occurred because TW5, which had a lower fci,p than that of TW3,  had 
less resistance to overturning than did TW3, which resulted in earlier decompression 
behavior for TW5.  The earlier decompression behavior resulted in earlier softening, as 
shown in Figure 6.123(b). 
 
Initiation of Cover Spalling (SPL) 
Figure 6.123(b) and Table 6.1 show that Θspl for TW5 was approximately 78% of the 
value of Θspl for TW3 when loading eastward.  As noted earlier, for westward loading, 
the lateral load response of TW3 was affected by improper consolidation of the concrete 
in the confined concrete region at the west end of Panel 1.  Thus, the early softening 
behavior observed for westward loading of TW3 was an aberration.  For eastward 
loading, Vspl was approximately 38% lower for TW5 than for TW3.  This can be 
explained as follows.  TW5 had less PT bars than did TW3.  Therefore, for a constant fpi, 
TW5 developed lower PT forces than TW3, as shown in Tables 6.2 and 6.3.  As a result, 
C for TW5 was approximately 43% less than C for TW3.  Thus, to maintain moment 
equilibrium, the base moment (and thus the base shear) at SPL was lower for TW5 than 
for TW3. 
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Yielding of PT bars (LLP) 
Figure 6.123(b) and Table 6.1 show that reducing Ap in TW5 while maintaining fpi 
constant did not have a significant impact on Θllp.  Θllp was not significantly affected 
because PT1 and PT6 (PT3 for TW5) had the same level of initial prestress, fpi.  As a 
result, a similar gap opening width along the base joint (and thus a similar lateral drift) 
was required to yield these outermost PT bars. 
 
Figure 6.123(b) and Table 6.1 show that reducing Ap had a significant effect on Vllp.  On 
average, Vllp for TW5 was approximately 68% of the value of Vllp for TW3.  This 
occurred because reducing Ap in TW5 while maintaining the same ep as in TW3 reduced 
the total force developed in PT steel group 1 (which consisted of only one PT bar in TW5 
as opposed to two PT bars in TW3), which reduced the base moment (and thus the base 
shear) capacity of TW5 at LLP. 
 
Base Shear Capacities (Vmax) 
Figure 6.123(b) shows that the base shear capacities, Vmax of TW3 and TW5 were 
significantly affected by Ap for the same reason that Vllp was affected. 
  
Failure (CCC) 
Figure 6.123(b) and Table 6.1 show that TW5 did not fail despite being displaced to a 
lateral drift of 6%, while TW3 failed at lateral drifts ranging between 2.5% and 2.8%.  
TW5 was able to achieve such large drift capacities compared to TW3 because reducing 
Ap reduced the forces that developed in the PT steel when Vmax was reached.  This in turn 
reduced the magnitude of the compression resultant, C at the wall base, as shown in 
Tables 6.2 and 6.3 (on average, C for TW5 was approximately 54% of the value of C for 
TW3).  For a smaller C, TW5 required a smaller contact length, c in order for a crushing 
failure to occur.  On average, c for TW5 at Θ = 6% was 54% of the value of c for TW3 at 
Θccc. A smaller value of c can be associated with a larger drift capacity, as was observed 
for TW5. 
 
6.7.5 TW4 versus TW5 
Referring to Table 5.5, TW4 and TW5 are compared to study the effects of reducing the 
area of PT steel, Ap while maintaining the initial stress in the concrete due to post-
tensioning, fci,p constant on the lateral load response of the test walls.  As shown in Table 
5.5, Ap for TW5 was 3.75 in.2 and Ap for TW4 was 7.5 in.2, while fpi/fpu for TW5 was 
0.553 and fpi/fpu for TW4 was 0.277.  The experimental results of TW4 and TW5 were 
discussed separately in Sections 6.5 and 6.6, respectively.  Figure 6.124 compares the 
experimental lateral load response of TW4 and TW5.  Figure 6.124(a) compares the 
complete lateral load response curves of both test walls, while Figure 6.124(b) compares 
the envelope response curves.  Table 6.1 compares the base shear and lateral drift 
response quantities corresponding to selected limit states for TW4 and TW5. 
 
Decompression (DEC) 
Referring to Figure 6.124(b) and to Table 6.1, it is seen that reducing Ap while 
maintaining fci,p constant had no effect on Vdec or on Θdec.  This occurred because TW4 
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and TW5 both had to overcome the same level of fci,p at the tension end of the base of 
Panel 1 to reach DEC. 
 
Initiation of Cover Spalling (SPL) 
Figure 6.124(b) and Table 6.1 show that, on average, Θspl for TW5 was approximately 
23% less than Θspl for TW4, while Vspl for TW5 was approximately 86% of the value of 
Vspl for TW4.  Vspl was larger for TW4 because SPL was reached after significant gap 
opening behavior had occurred along the base joint (Tables 6.2 and 6.3 show that the gap 
opening lengths, lgo of TW4 and TW5 at SPL had exceeded 84 in.).  As a result, TW4, 
which had more PT bars than did TW5, developed a larger total force in the PT bars and 
thus a larger compression resultant, C at SPL (Tables 6.2 and 6.3 show that, on average, 
C for TW5 was approximately 86% of the value of C for TW4).  Thus, in order to satisfy 
moment equilibrium, Vspl for TW5 was lower than Vspl for TW5. 
 
Yielding of PT bars (LLP) 
Figure 6.124(b) and Table 6.1 show that reducing Ap while maintaining fci,p constant 
significantly reduced Vllp and Θllp.  On average, Vllp and Θllp for TW5 were approximately 
30% lower and approximately 49% lower than Vllp and Θllp for TW4, respectively.  Vllp 
was larger for TW4 than for TW5 because TW4 had more PT bars, which increased the 
total force in the PT bars of TW4, as shown in Tables 6.2 and 6.3.  As a result, at LLP, 
the compression resultant, C for TW4 was approximately 30% larger than C for TW5.  
Thus, to maintain moment equilibrium, the base moment (and thus the base shear) at LLP 
was larger for TW4 than for TW5. 
 
Θllp was smaller for TW5 than for TW4 because TW5 had a larger fpi than did TW4, 
which reduced the strain range between fpi and fpy for the PT bars in TW5.  As a result, a 
smaller gap opening width was required to yield the outermost PT bars in TW5 than that 
required to yield the PT bars in TW4.  Comparing the gap opening profiles of TW4 and 
TW5 using Figures 6.84 and 6.106, it is seen that =GOE∆ 2.18 in. for TW4 and 
=GOE∆ 0.939 in. for TW5 for westward loading.  Thus, a smaller gap opening width at 
LLP for TW5 corresponds to a smaller lateral drift at LLP, Θllp. 
  
Base Shear Capacities (Vmax) 
Figure 6.124(b) shows that the base shear capacities, Vmax of TW4 and TW5 were 
significantly affected by Ap for the same reason that Vllp was affected.  The lateral drift 
corresponding to Vmax was affected in the same way that Θllp was affected. 
  
Failure (CCC) 
Figure 6.124(b) and Table 6.1 show that TW5 did not fail despite being displaced to a 
lateral drift of 6%, while TW4 failed at lateral drifts ranging between 3% and 3.6%.  
TW5 achieved large drift capacities compared to TW4 because reducing Ap reduced the 
forces that developed in the PT steel when Vmax was reached.  This in turn reduced the 
magnitude of the compression resultant, C at the wall base, as shown in Tables 6.2 and 
6.3 (on average, C for TW5 was approximately 65% of the value of C for TW4).  For a 
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smaller C, TW5 required a smaller contact length, c in order for a crushing failure to 
occur.  On average, c for TW5 at Θ = 6% was approximately 59% of the value of c for 
TW4 at Θccc. A smaller value of c can be associated with a larger drift capacity, as was 
observed for TW5. 
 
6.8 SUMMARY 
This chapter presented the experimental lateral load results of five test walls, referred to 
as TW1 through TW5.  Tables 5.5 through 5.9 identify the parameters selected for each 
test wall.  Test results showed that the limit states that characterized the lateral load 
response of the test walls are DEC, SPL, LLP, and CCC.  Significant gap opening 
behavior was observed along the base joint of the test walls after DEC.  Softening 
behavior is attributed to gap opening behavior along the base joint and to nonlinear 
behavior of the concrete at the wall ends at the base (e.g., spalling).  Yielding of the PT 
steel occurred, but the extent of yielding was minimal.  The largest strain measured in all 
of the PT bars was 0.018 in./in., which corresponds to 23% of the maximum strain 
capacity of the PT steel, εpu.  Thus, significant reserve strain capacity remained in the PT 
bars for the walls tested, which indicates that a large margin of safety exists against 
fracture of the PT steel. 
 
Prestress losses were observed under cyclic loading.  TW2 through TW4 lost between 
11% and 29% of their initial prestress, while TW5 lost its entire initial prestress.  Despite 
losing prestress, all of the test walls displayed an excellent self-centering capability.  The 
largest residual drift in any test wall prior to failure was 0.1%. 
 
A degradation of the initial lateral stiffness was observed for all of the test walls under 
cyclic loading.  TW2 and TW4 suffered a 50% reduction in the lateral stiffness, while 
TW3 and TW5 suffered a 72% reduction in the lateral stiffness.  Stiffness degradation 
occurred from significant nonlinear behavior of the confined concrete ends at the base of 
the test walls, which reduced the modulus of elasticity of the concrete as well as the 
moment of inertia of the walls.  TW5, which suffered very little damage at the ends of the 
base panel, experienced significant stiffness degradation due to a complete loss of 
prestress. 
 
Except for one unstable failure that was observed at the end of Test 2, all other failures 
were confinement failures that occurred when the confining steel fractured.  The unstable 
failure mode of TW2 resulted in a modification of the reinforcement details in the base 
panel of subsequent test walls.  Test 3 showed that the new reinforcement details were 
effective in preventing the unstable failure mode observed at the end of Test 2.  These 
reinforcement details were described in Chapter 5. 
 
The maximum cumulative energy dissipation capacities of TW2 through TW5 were 1495 
kip-in., 1334 kip-in., 1384 kip-in., and 1189 kip-in., respectively.  The primary source of 
energy dissipation in TW2 through TW4 was the nonlinear behavior of the confined 
concrete at the ends of the wall base.  The contribution of PT steel yielding to the total 
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energy dissipation capacity of TW2 through TW4 was within 6%.  However, for TW5, 
PT steel yielding contributed to 79.4% of the energy dissipation capacity. 
 
Overall, the test wall lateral drifts were governed by the gap opening behavior along the 
base joint.  Thus, rigid-body motion from gap opening behavior along the wall base 
contributed significantly to the rotation and lateral drift profiles of the test walls. 
 
The experimental parametric study showed that the behavior of an unbonded post-
tensioned precast concrete wall can be controlled.  Test results showed that reducing the 
initial stress in the concrete, fci,p by reducing the initial prestress in the PT steel, fpi while 
maintaining the total area of PT steel, Ap constant (i.e., TW4 versus TW3) decreased Θdec, 
Vdec, and Vspl; increased Θllp and Θccc; and had no effect on Vllp.  This resulted in a wall 
that softened earlier, but achieved the same strength and failed at a larger lateral drift than 
a wall with the same Ap, but with a higher fpi (and thus a larger fci,p).   
 
Test results also showed that reducing fci,p by reducing Ap while maintaining fpi constant 
(i.e., TW5 versus TW3) reduced Θdec, Vdec, Vspl, and Vllp; increased Θccc; and had no effect 
on Θllp.  This resulted in a wall that softened earlier, had a reduced strength, yielded the 
PT bars at the same drift level, but had over twice the lateral drift capacity of a wall with 
the same fpi but with a larger Ap (and thus a larger fci,p). 
 
Lastly, TW5 demonstrated that an unbonded post-tensioned precast concrete wall can be 
designed to maintain its base shear capacity up to a lateral drift of 6% without failing or 
suffering significant damage at the ends of the wall base. 
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Table 6.1. Experimental results for selected limit states. 
DEC SPL LLP CCC 
Test  
Wall 
Loading 
Direction 
Vdec 
(kips) 
Θdec 
(%) 
Vspl 
(kips) 
Θspl 
(%) 
Vllp 
(kips) 
Θllp 
(%) 
Vccc 
(kips) 
Θccc 
(%) 
TW1 Eastward 51.2 0.07 134.5 0.61 154.5 1.35 148.1 3.57 
Eastward 45.0 0.07 133.5 0.65 150.8 1.44 122.0* 2.50*
TW2 
Westward -46.6 -0.08 -130.1 -0.57 -151.3 -1.51 -147.9 -2.83
Eastward 55.3 0.07 139.5 0.83 150.7 1.63 125.1 2.74 
TW3 
Westward -54.3 -0.07 -74.2 -0.13 -135.8 -1.54 -121.8 -2.54
Eastward 30.1 0.04 97.0 0.74 132.1+ 2.84+ 103.9 2.97 
TW4 
Westward -32.2 -0.05 -103.4 -0.94 -140.6 -2.90 -102.0 -3.59
Eastward 28.4 0.05 86.9 0.65 97.8 1.44 ** ** 
TW5 
Westward -29.8 -0.04 -85.9 -0.65 -97.7 -1.50 ** ** 
* Corresponds to Failure 2B (instability failure on east end). 
+ LLP was not reached (i.e., PT1 did not yield); values correspond to Vmax. 
** CCC was not reached. 
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Table 6.2. Equilibrium conditions at selected limit states for eastward loading of test walls. 
 
Test 
Wall 
Limit 
State 
TPT1 
(kips) 
TPT2 
(kips)
TPT3 
(kips)
TPT4 
(kips)
TPT5 
(kips)
TPT6 
(kips)
N 
(kips)
V=Vx 
(kips) 
Vy 
(kips)
C 
(kips)
lC 
(in.)
lgo 
(in.)
c 
(in.)
c ′′  
(in.)
DEC 114.9 108.9 110.0 107.5 106.8 112.8 173.0 51.2 0.1 834 32.6 0 100 - 
SPL 134.0 125.1 123.3 117.1 109.5 113.0 176.6 134.5 0.8 898 8.0 75 25 - 
LLP 172.5 151.1 146.1 138.7 119.3 118.1 179.2 154.5 1.9 1023 8.3 80 20 19.7
TW1 
CCC 167.4 172.3 167.4 168.9 158.7 130.1 172.0 148.1 5.5 1142 13.2 78 22 21.7
DEC 113.7 110.6 107.5 109.9 103.7 108.0 171.5 45.0 0.1 825 35.1 0 100 - 
SPL 138.7 131.0 123.8 120.3 108.5 108.5 178.1 133.5 1.1 908 9.2 80 20 - 
LLP 172.5 160.5 148.8 137.5 118.6 113.7 178.0 150.8 2.6 1027 9.5 82 18 17.7
TW2 
CCC* NA NA 147.1 132.5 90.5 61.5 183.2 122.0 3.5 NA NA 73 27 26.7
DEC 110.4 111.0 108.9 107.3 108.7 111.4 173.0 55.3 0.1 831 31.0 0 100 - 
SPL 140.6 142.4 128.2 120.3 115.0 113.3 171.6 139.5 1.6 930 7.9 82 18 - 
LLP 172.5 172.6 151.2 139.9 121.5 123.6 174.7 150.7 3.1 1053 10.2 80 20 19.8
TW3 
CCC 169.9 170.0 169.6 146.7 118.1 96.3 159.5 125.1 4.1 1026 16.6 71 29 29.3
DEC 53.8 55.2 51.9 54.0 58.1 53.8 172.2 30.1 0.1 499 32.7 0 100 - 
SPL 82.8 80.3 71.5 74.2 75.1 57.8 169.3 97.0 1.1 610 5.2 84.5 15.5 - 
Vmax+ 161.1 150.8 125.4 128.2 123.8 68.7 176.9 132.1 4.6 930 10.7 81 19 18.8
TW4 
CCC 144.9 134.9 109.4 113.3 109.7 49.5 172.1 103.9 3.7 830 16 71.5 28.5 28.3
DEC 108.1 112.8 106.8 - - - 172.6 28.4 0.0 500 33.9 0 100 - 
SPL 130.9 121.0 104.9 - - - 173.1 86.9 0.8 529 3.8 81.8 18.2 - 
LLP 172.5 147.4 111.1 - - - 172.1 97.8 1.8 601 5.0 85.5 14.5 14.3
TW5 
Θ=6% 171.0 168.4 0.0 - - - 172.3 79.1 3.5 508 10.7 83.5 16.5 16.3
* Confinement failure did not occur; failure by instability. 
NA = Data not available; gage(s) damaged during testing. 
+ LLP was not reached (i.e., PT1 did not yield); values correspond to Vmax. 
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Table 6.3. Equilibrium conditions at selected limit states for westward loading of test walls. 
 
  
 
 
 
 
Test 
Wall 
Limit 
State 
TPT1 
(kips) 
TPT2 
(kips)
TPT3 
(kips)
TPT4 
(kips)
TPT5 
(kips)
TPT6 
(kips)
N 
(kips)
V=Vx 
(kips) 
Vy 
(kips)
C 
(kips)
lC 
(in.)
lgo 
(in.)
c 
(in.)
c ′′  
(in.)
DEC 110.4 108.3 106.6 111.3 105.9 110.6 171.3 -46.6 0.0 825 33.6 0 100 - 
SPL 110.2 110.7 113.5 123.6 122.7 130.6 177.4 -130.1 0.6 888 8.8 75 25 - 
LLP 113.2 123.3 133.9 150.7 161.8 168.1 175.9 -151.3 1.8 1025 9.8 80 20 19.7
TW2 
CCC 51.3 85.1 134.3 172.6 173.1 172.6 177.9 -147.8 3.2 964 11.2 83 17 16.7
DEC 106.8 109.5 107.7 108.2 111.1 114.0 173.4 -54.3 0.0 831 31.6 0 100 - 
SPL 105.6 109.3 107.3 108.0 112.1 115.2 175.5 -74.2 0.1 833 25.0 25 75 - 
LLP 85.8 74.6 131.3 131.5 153.1 172.3 178.6 -135.8 1.6 926 11.7 72 28 27.8
TW3 
CCC 47.2 47.3 128.8 136.8 167.8 168.7 158.5 -121.8 2.4 853 15.0 67 33 32.8
DEC 52.1 54.3 51.7 54.2 59.1 54.9 172.4 -32.2 0.0 499 31.9 0 100 - 
SPL 56.9 63.6 68.0 76.5 84.3 92.3 172.3 -103.4 0.7 613 4.0 87.5 12.5 - 
LLP 63.1 81.7 103.2 130.1 143.7 171.2 176.0 -140.6 3.0 866 8.3 83 17 16.8
TW4 
CCC 30.2 50.0 76.7 99.8 125.8 150.8 174.5 -102.0 2.8 705 14.9 71 29 28.8
DEC 106.1 113.0 110.1 - - - 172.9 -29.8 0.0 502 33.3 0 100 - 
SPL 103.5 120.4 130.7 - - - 172.8 -85.9 0.5 527 4.8 79.5 20.5 - 
LLP 112.4 147.4 172.5 - - - 171.9 -97.9 1.1 603 6.3 86 14 13.8
TW5 
Θ=-6% 0 161.1 169.0 - - - 172.3 -83.8 -8.3 511 5.9 83 17 16.8
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Table 6.4. Prestress losses and self-centering behavior of TW2. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Cumulative prestress loss in PT bars 
relative to fpi 
(%) 
At zero drift after 
unloading from  
1st half-cycle to Θ 
(%) PT1 PT2 PT3 PT4 PT5 PT6
Cumulative prestress loss in TW2
relative to fci,p = 1.16 ksi 
(%) 
Cumulative
residual drift 
(%) 
1.0 2.0 2.0 1.6 0.5 0.0 0.0 1.0 0.02 
-1.0 2.0 2.0 1.6 0.9 0.5 0.7 1.3 0.00 
1.5 5.8 2.8 2.1 1.4 0.7 0.7 2.3 0.02 
-1.5 5.8 2.8 2.1 1.9 0.7 2.6 2.7 -0.01 
2.0 27.4 10.5 2.1 2.6 0.7 3.1 7.9 0.05 
-2.0 27.4 10.5 2.1 2.6 4.4 14.9 10.4 0.00 
3.0 68.2 52.8 27.5 2.6 4.4 14.9 28.9 0.10 
-3.0 NA NA 39.8 23.6 41.4 51.0 NA - 
NA = Data not available; gage(s) damaged during testing. 
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Table 6.5. Prestress losses and self-centering behavior of TW3. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Cumulative prestress loss in PT bars 
relative to fpi 
(%) 
At zero drift after 
unloading from  
1st half-cycle to Θ 
(%) PT1 PT2 PT3 PT4 PT5 PT6
Cumulative prestress loss in TW3
relative to fci,p = 1.18 ksi 
(%) 
Cumulative 
residual drift 
(%) 
1.0 3.5 0.0 2.5 1.3 1.4 1.5 1.7 -0.03 
-1.0 3.5 0.6 2.7 1.3 2.5 2.1 2.1 -0.01 
1.5 4.4 1.6 2.7 1.6 3.1 2.1 2.6 -0.01 
-1.5 4.4 1.6 2.7 1.6 3.7 2.1 2.7 -0.07 
2.0 20.3 33.8 2.7 1.6 4.2 2.1 10.8 -0.01 
-2.0 20.3 33.8 2.7 1.6 5.9 15.7 13.4 -0.10 
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Table 6.6. Prestress losses and self-centering behavior of TW4. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Cumulative prestress loss in PT bars 
relative to fpi 
(%) 
At zero drift after 
unloading from  
1st half-cycle to Θ 
(%) PT1 PT2 PT3 PT4 PT5 PT6
Cumulative prestress loss in TW4
relative to fci,p = 0.59 ksi 
(%) 
Cumulative 
residual drift 
(%) 
1.0 3.2 6.2 4.7 3.2 0.0 1.6 3.1 0.01 
-1.0 3.9 6.2 4.7 3.2 0.0 3.5 3.5 -0.01 
1.5 4.9 8.7 7.0 3.2 0.0 4.4 4.6 0.01 
-1.5 5.8 9.4 7.0 3.2 0.0 6.7 5.3 -0.01 
2.0 8.1 10.9 9.3 4.7 0.0 7.9 6.7 0.01 
-2.0 8.7 11.6 10.0 5.1 0.0 8.2 7.1 -0.01 
3.0 16.8 16.2 13.0 7.3 0.6 8.2 10.2 0.03 
-3.0 16.8 16.6 13.0 7.3 0.6 15.6 11.5 -0.02 
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Table 6.7. Prestress losses and self-centering behavior of TW5. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Cumulative prestress loss in PT bars
relative to fpi 
(%) 
At zero drift after 
unloading from  
1st half-cycle to Θ 
(%) PT1 PT2 PT3 
Cumulative prestress loss in TW5
relative to fci,p = 0.59 ksi 
(%) 
Cumulative 
residual drift 
(%) 
1.0 4.5 0.0 3.8 2.7 0.02 
-1.0 4.5 0.1 5.0 3.1 -0.03 
1.5 7.2 0.3 5.8 4.4 0.00 
-1.5 7.2 0.4 5.8 4.4 -0.04 
2.0 31.0 0.4 5.8 12.2 0.01 
-2.0 33.8 0.4 25.2 19.5 -0.09 
3.0 76.4 26.5 25.2 42.4 0.00 
-3.0 76.4 26.6 74.8 58.8 -0.03 
4.0 100 54.8 93.7 84.6 -0.03 
-4.0 100 54.9 100 89.6 -0.07 
5.0 100 84.2 100 94.6 -0.05 
-5.0 100 84.2 100 94.6 -0.09 
6.0 100 100 100 100 -0.02 
-6.0 100 100 100 100 -0.01 
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Figure 6.1. Displaced state of a test wall loaded eastward.
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Figure 6.3. TW5 lateral drift based on corrected and uncorrected measurements.
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Figure 6.5. V  for TW5 based on corrected and uncorrected measurements.x
Figure 6.6. V  for TW5 based on corrected and uncorrected measurements.y
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Figure 6.7. M  for TW5 based on corrected and uncorrected measurements.b
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Figure 6.8. Normalized initial stress in PT bars during prestressing of TW1.
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Figure 6.9. Experimental lateral load response of TW1.
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Figure 6.11. TW1 PT bar data.
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Figure 6.12. Strain distributions in Panel 1 of TW1.
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Figure 6.13. Cover strain in Panel 1 base (west end) of TW1.
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Figure 6.14. Gap opening along base joint of TW1.
Note: data not available
for these points (typ.) because
instruments ran out of range
(see Figure 6.16). 
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Figure 6.15. Initiation of gap opening in base joint of TW1 after DEC. 
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Figure 6.17. Initiation of cover spalling in Panel 1 base (east end) of TW1.
Figure 6.16. Gap opening measurements along base joint of TW1.
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Figure 6.19. Spiral strains in Panel 1 base (east end) of TW1.
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Figure 6.18. Cover concrete strains in east region of Panel 1 of TW1.
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Figure 6.20. TW1 Panel 1 base at LLP.
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Figure 6.21. TW1 Panel 1 base before CCC.
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Figure 6.22. Concrete strains along height of Panel 1 in east region of TW1.
Figure 6.23. Confined concrete strains in east region of Panel 1 of TW1.
Figure 6.24. TW1 Panel 1 base immediately after CCC.
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Figure 6.26. TW1 displaced shape.
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Note: data not available
for these points (typ.) because
instruments ran out of range
(see Figure 6.27). 
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Figure 6.27. TW1 floor and loading block displacements.
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Figure 6.28. TW1 rotation profile.
Figure 6.29. TW1 floor and loading block rotations.
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Figure 6.30. Cover concrete strains along TW1 Panel 1 base.
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Figure 6.31. Contact length at TW1 base.
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Figure 6.32. Loading history for TW2.
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Figure 6.33. Experimental lateral load response of TW2.
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Figure 6.34. Gravity load, N supported by TW2.
Figure 6.35. Normalized stress and force in TW2 PT bars.
(a) PT1
0.0
0.1
0.2
0.3
0.4
0.5
0.6
0.7
0.8
0.9
1.0
-4.0 -3.0 -2.0 -1.0 0.0 1.0 2.0 3.0 4.0
Lateral drift (%)
0
20
40
60
80
100
120
140
160
180
200
PT
ba
rf
or
ce
(k
ip
s)
EW
f/
f
p
pu
LLP (PT1 yields)
LLP (PT6 yields)
Failure 2A
(CCC)
target N = 173.4 kips
6-79
(b) PT6
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Figure 6.35 continued.
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Figure 6.35 continued.
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Figure 6.35 continued.
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Figure 6.36. Gap opening along base joint of TW2 when loading eastward.
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Figure 6.37. Gap opening along base joint of TW2 when loading westward.
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Figure 6.38. Gap opening behavior along base joint of TW2.
(a) West end (b) East end
gap opening
E
W
gap opening
6-83
6-84
Figure 6.39. Initiation of gap opening in base joint of TW2 after DEC.
Figure 6.40. Gap opening measurements at east and west ends of TW2.
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Figure 6.41. Cover spalling in TW2 Panel 1 base. 
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Figure 6.42. TW2 Panel 1 base at LLP.
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Figure 6.43. TW2 PT1 stress-strain behavior.
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Figure 6.44. Stiffness degradation of TW2.
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Figure 6.45. Progressive degradation of concrete at ends of TW2 Panel 1.
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Figure 6.46. Failure 2A: confined concrete failure at west end of TW2.
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Figure 6.47. Confined concrete strain at west end of TW2.
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Figure 6.48. Lateral load response of TW2 up to Failure 2B.
Figure 6.49. Gap opening behavior of TW2 post-Failure 2A.
EW
Θ = 3%
(1st half-
cycle post-
Failure 2A)
6-89
E6-90
Figure 6.50. Failure 2B in TW2.
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Figure 6.51. Crack pattern in TW2 Panel 1.
Figure 6.52. TW2 mesh strains.
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Figure 6.52 continued.
(b) ME8
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Figure 6.53. Normalized cumulative energy dissipation of TW2.
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Figure 6.54. TW2 displaced shape.
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Figure 6.55. Contact length at TW2 base.
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Figure 6.56. Loading history for TW3.
Figure 6.57. Experimental lateral load response of TW3.
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Figure 6.58. Gravity load, N supported by TW3.
Figure 6.59. Normalized stress and force in TW3 PT bars.
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Figure 6.59 continued.
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Figure 6.59 continued.
Figure 6.60. Gap opening along base joint of TW3 when loading eastward.
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Figure 6.61. Gap opening along base joint of TW3 when loading westward.
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Figure 6.62. Gap opening behavior along base joint of TW3.
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Figure 6.63. Initiation of gap opening in base joint of TW3 after DEC.
Figure 6.64. Gap opening measurements at east and west ends of TW3.
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Figure 6.65. Cover spalling in TW3 Panel 1 base. 
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Figure 6.66. Unsymmetrical spalling behavior at ends of TW3 Panel 1. 
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Figure 6.67. TW3 Panel 1 base at LLP.
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Figure 6.68. TW3 PT1 stress-strain behavior.
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Figure 6.69. Stiffness degradation of TW3.
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Figure 6.70. TW3 Panel 1 base at Θ = -2% (3rd half-cycle). 
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Figure 6.71. Confined concrete failure of TW3 (CCC).
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Figure 6.72. Concrete compressive strains of TW3 at CCC. 
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Figure 6.73. Crack patterns in TW3 Panel 1.
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Figure 6.74. Normalized cumulative energy dissipation of TW3.
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Figure 6.75. TW3 displaced shape.
Figure 6.76. TW3 rotation profile.
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Figure 6.77. Contact length at TW3 base.
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Figure 6.78. Normalized initial stress in PT bars during prestressing of TW4.
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Figure 6.79. Loading history for TW4.
Figure 6.80. Experimental lateral load response of TW4.
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Figure 6.81. Gravity load, N supported by TW4.
Figure 6.82. Normalized stress and force in TW4 PT bars.
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Figure 6.82 continued.
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Figure 6.82 continued.
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Figure 6.83. Gap opening along base joint of TW4 when loading eastward.
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Figure 6.84. Gap opening along base joint of TW4 when loading westward.
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Figure 6.85. Gap opening behavior along base joint of TW4.
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Figure 6.86. Initiation of gap opening in base joint of TW4 after DEC.
Figure 6.87. Gap opening measurements at east and west ends of TW4.
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Figure 6.88. Cover spalling in TW4 Panel 1 base. 
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Figure 6.89. TW4 Panel 1 base at V  when loading eastward.max
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Figure 6.90. TW4 Panel 1 base at LLP.
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Figure 6.91. TW4 PT6 stress-strain behavior.
LLP (PT6 yields)
Θ  = -2.9%llp
CCC
Θ  = -3.59%cccCCC
Θ  = 2.97%ccc
prestress
losses (%):
A
f /f  = 0.272pi,PT6 pu
Θ = -3% (3rd half-cycle)
Θ = -3.5%
(2nd half-cycle)
B
C
point A: 15.6%, pre-CCC at east end
point B: 45.2%, post-CCC at east end
point C: 96.4%, post-CCC at east end
6-119
6-120
Figure 6.93. Progressive degradation of concrete at ends of TW4 Panel 1. 
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Figure 6.92. Stiffness degradation of TW4.
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Figure 6.94. Confined concrete failure of TW4 (CCC).
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Figure 6.95. Concrete compressive strains of TW4 at CCC. 
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Figure 6.96. Normalized cumulative energy dissipation of TW4.
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Figure 6.97. TW4 displaced shape.
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Figure 6.98. TW4 rotation profile.
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Figure 6.99. Contact length at TW4 base.
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Figure 6.100. Normalized initial stress in PT bars during prestressing of TW5.
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Figure 6.101. Loading history for TW5.
Figure 6.102. Experimental lateral load response of TW5.
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Figure 6.103. Gravity load, N supported by TW5.
Figure 6.104. Normalized stress and force in TW5 PT bars.
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Figure 6.104 continued.
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Figure 6.106. Gap opening along base joint of TW5 when loading westward.
Figure 6.105. Gap opening along base joint of TW5 when loading eastward.
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Figure 6.107. Initiation of gap opening in base joint of TW5 after DEC.
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Figure 6.108. Gap opening measurements at east and west ends of TW5.
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Figure 6.117. Normalized cumulative energy dissipation of TW5.
Figure 6.116. Confined concrete compressive strain at east end of TW5.
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Figure 6.120. Experimental lateral load response of TW1 and TW2.
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Figure 6.121. Experimental lateral load response of TW2 and TW3.
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Figure 6.122. Experimental lateral load response of TW3 and TW4.
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Figure 6.123. Experimental lateral load response of TW3 and TW5.
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 CHAPTER 7 
 
ANALYTICAL MODELING OF TEST WALLS 
 
Kurama et al. (1996) developed an analytical model for analyzing unbonded post-
tensioned precast walls subjected to gravity and lateral loads.  The model developed by 
Kurama et al. is based on the fiber beam-column element in the DRAIN-2DX program 
(Prakash and Powell 1993) and is thus referred to as the fiber model.  The fiber model 
requires that stress-strain relationships be defined for the following: (1) PT steel; (2) 
unconfined concrete; and (3) confined concrete.  Thus, Section 7.1 defines these stress-
strain relationships based on material tests of test wall components (e.g., PT bars and 
unconfined concrete cylinders).  The stress-strain relationships for the confined concrete 
are obtained using two confinement models, as described in Section 7.1.  Section 7.2 
describes the fiber model which is used to analyze each of the test walls under monotonic 
and cyclic lateral loading.  Lastly, a summary of the material properties of each test wall 
is provided in Section 7.3.  
 
7.1 MATERIALS MODELING BASED ON COMPONENT TESTS 
As will be discussed in Section 7.2, the fiber model requires that the analytical stress-
strain relationships for unconfined concrete, confined concrete, and for the PT steel be 
defined in a discretized manner.  Since the fiber model analysis results will be compared 
with the experimental test wall results in Chapter 8 to verify the accuracy of the fiber 
model, the analytical stress-strain relationships defined for the fiber model were directly 
obtained from component tests or were obtained from material models using component 
test results.  In particular, material characterization tests were performed on the PT steel, 
on unconfined concrete cylinders, on the hoop confining reinforcement, and on the spiral 
confining reinforcement.  The results of the material characterization tests are presented 
in this section.   
 
The unconfined concrete and confining reinforcement results are used in two separate 
confinement models to obtain analytical stress-strain relationships for the hoop confined 
concrete and for the spiral confined concrete.  As will be shown in Section 7.1.3, the 
confinement model proposed by Mander et al. (1988a, 1988b), referred to as the Mander 
model herein, is used to obtain an analytical stress-strain relationship for the hoop 
confined concrete of TW3 through TW5.  Furthermore, Section 7.1.4 will show that the 
confinement model proposed by Oh (2002), referred to as the Oh model herein, is used to 
obtain an analytical stress-strain relationship for the spiral confined concrete of TW1 and 
TW2.  The reason for using two different confinement models will be addressed. 
 
7.1.1   Post-Tensioning Steel 
Figure 7.1 shows the experimental stress-strain relationship of the PT steel along with a 
three-part analytical stress-strain relationship fit to the data.  The stress-strain data shown 
in Figure 7.1 was obtained by testing a PT bar typical of the PT bars used in the test walls 
(i.e., with a nominal diameter of 1.25 in.), including the anchorage details at both ends, 
typical of those used in the test walls (e.g., DSI anchor plates B and C and anchor nuts B 
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and C in Figure 5.67).  The test set-up and instrumentation are presented in more detail 
by Horan (2002).  The stress plotted in Figure 7.1 represents the nominal stress, which is 
obtained by dividing the tension force by the nominal bar area specified by the 
manufacturer (i.e., 1.25 in.2) (DSI 2001). 
 
It is noted that the analytical stress-strain relationship equations for the curves fit to the 
data in Figure 7.1 were not used in the fiber model, but rather were required to calculate 
the PT bar stresses and forces from the strain measurements during the testing of TW1 
through TW5. 
 
As shown in Figure 7.1, the yield stress of the PT steel, fpy is 138 ksi, which is 15% 
greater than the yield stress considered in design (i.e., 120 ksi).  The measured modulus 
of elasticity, Ep is 29000 ksi.  The ultimate strength, fpu is 160 ksi, which is equal to the 
ultimate strength considered in design.  The ultimate strain, εpu is 0.078 in./in.  The 
fracture stain, εpf can be conservatively taken as 0.078 in./in. 
 
7.1.2 Unconfined Concrete 
Figure 7.2 shows the experimental and analytical unconfined concrete stress-strain 
relationships for the concrete used in TW1 and TW2.  The experimental curve represents 
the average of test results from several 6 in. x 12 in. cylinders tested by Horan (2002) at 
Lehigh University.  As shown in Figure 7.2, the compressive strength of the unconfined 
concrete, cf ′ , used in TW1 and TW2 is 7.6 ksi, which is approximately 27% greater than 
the design unconfined concrete compressive strength (i.e., 6 ksi).   
 
The two analytical stress-strain relationships shown in Figure 7.2 were obtained using the 
Mander model and the Oh model, where cf ′  and the strain corresponding to cf ′  were 
determined from concrete cylinder test data and used in both models.  It can be seen that 
both analytical stress-strain relationhips result in similar loading behavior, but the post-
peak descending branch obtained using the Oh model appears to better represent the 
experimental unloading trend.  Therefore, the Oh model was used to obtain the stress-
strain relationship for the unconfined concrete used in TW3 through TW5 (see Figure 
7.3).  The curve shown in Figure 7.3 was obtained using the Oh model, where cf ′  (equal 
to 8 ksi) was obtained from unconfined concrete cylinder strength tests, and the elastic 
modulus, Ec, was calculated using the equation given in the ACI-318 Code (2002) (i.e., 
cc fE ′= 57000  (psi)).   
 
7.1.3 Hoop Confined Concrete 
The geometry of the confined concrete region at each end of the hoop confined wall 
panels used in TW3 through TW5 was given in Figure 5.3(b).  The stress-strain 
relationship for the hoop confined concrete in TW3 through TW5 was obtained using the 
Mander model (Mander et al. 1988a, 1988b).  In order to estimate the confined concrete 
compressive strength, ccf ′ , the Mander model requires the unconfined concrete 
compressive strength, cf ′ , and the yield strength of the confining reinforcement, fsy.  As 
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noted above, cf ′  was obtained from concrete cylinder strength tests.  The yield strength 
of the confining reinforcement (i.e., hoop steel) was determined experimentally by testing 
several rebar specimens in tension in accordance with the ASTM A 370 Standard (ASTM 
2002).  It is noted that the rebar specimens were full-section specimens.  Figure 7.4 
shows a typical stress-strain relationship obtained from the rebar tension tests along with 
the analytical stress-strain relationship.  The stress was computed using the nominal 
cross-sectional area of a No. 3 rebar (i.e., 0.11in.2) (Nilson 1997) and the strain was 
measured using a clip gage that was mounted on the rebar over a gage length of two 
inches.  The equations for the analytical stress-strain relationship are given in Figure 7.4 
because they are used to estimate the ultimate strain capacity of the confined concrete, 
εcu, in accordance with the Mander model.  It is noted that the stress-strain relationship 
for the hoop steel given in Figure 7.4 was also used to represent the stress-strain 
relationship for the rest of the steel used to fabricate the cages for Panel 1 of TW3 
through TW5 because these cages were fabricated using the same material (i.e., Gr. 60 
No. 3 rebar).  Therefore, the stress-strain relationship of the vertical steel that is located 
within the confined concrete region, which is also used to estimate εcu in accordance with 
the Mander model, is given by Figure 7.4.  Mander et al. (1988a) refer to this steel as 
longitudinal steel, whose stress is denoted as fsl. 
 
Referring to Figure 7.4, the yield strength of the steel reinforcement is 62.7 ksi, which is 
4.5% greater than the specified yield strength (i.e., 60 ksi).  The ultimate strength, fsu is 
96.5 ksi and is reached at a strain εsu of 0.118 in./in.  The fracture strain of the steel 
reinforcement, εsf is 0.139 in./in. 
 
Figure 7.5 shows the analytical stress-strain relationship of the hoop confined concrete 
for TW3 through TW5, obtained using the Mander model.  As shown in Figure 7.5, the 
estimated compressive strength of the hoop confined concrete is 13 ksi and the ultimate 
strain capacity, εcu, is 0.0732 in./in.  Comparing Figure 7.5 to Figure 5.7, which shows 
the hoop confined concrete stress-strain relationship obtained using nominal design 
strengths and a stress-strain curve for Gr. 60 rebar adapted from Nilson (1997), the value 
of εcu is 24% greater when computed using actual material properties.  That is, when the 
stress-strain relationship of Figure 7.4, based on experimental data, is used to compute εcu 
in accordance with the Mander model, the value of εcu is larger.  This is attributed to the 
fact that the area under the stress-strain curve, which is directly related to εcu according to 
the Mander model, is larger for the stress-strain curve of Figure 7.4 (based on 
experimental data) than for that of Figure 5.6 (Refer to Appendix A for details on the 
computation of εcu). 
 
7.1.4 Spiral Confined Concrete 
The geometry of the confined concrete region at each end of the spiral confined wall 
panels used in TW1 and TW2 was given in Figure 5.2(b).  The stress-strain relationship 
of the spiral confined concrete region was obtained analytically using the Oh model by 
modeling the axial compression behavior of one circular spiral only (i.e., neglecting the 
influence that interlocking of the spirals may have on the stress-strain relationship of the 
 7-4 
confined concrete region).  This was necessary because the analytical confinement 
models considered (Mander et al. (1988a, 1988b) and Oh (2002)) do not account for this 
effect.  Furthermore, as was demonstrated in Chapter 6, failure of the spiral confined 
concrete regions (i.e., CCC) occurred when the spirals fractured in the through-thickness 
direction of the test wall.  In this direction the interlocking of the spirals is not believed to 
have a significant influence on the stress-strain relationship of the confined concrete. 
 
The spiral steel was manufactured and donated by Florida Wire and Cable, Inc. in 
Jacksonville, Florida.  The specifications for the spiral steel required that the material 
properties be similar to that of Gr. 60 reinforcement.  During the manufacturing process, 
the spiral wire was wrapped around a spool that has a diameter of approximately 7 ft.  
Therefore, the spiral wire was tested at Lehigh University in its curved configuration, as 
shown schematically in Figure 7.6.  The spiral wire was welded at both ends to a 1-in.-
thick plate to form a dog-bone-like specimen that was pinned at both ends.  To ensure 
that the spiral wire would fail away from the heat affected zones near the welds, a portion 
of the cross-section was machined off at mid-length, as shown schematically in Figure 
7.6.  Material was removed on both sides of the cross-section, through the thickness 
along an axis perpendicular to the radius of curvature of the spiral wire.  This axis was 
selected to preserve as much of the residual stresses present in the cross-section as 
possible.  A strain gage was attached to each side of the spiral wire within the 2.0-in. 
gage length. 
Figure 7.7 shows the experimental stress-strain relationship of the spiral wire, which was 
obtained as follows.  The stress was computed using the net cross-sectional area of the 
spiral wire within the gage length, Anet (i.e., 0.065 in.2), which was calculated as: 
seggnet AAA 2−=          (7.1) 
where 
2
2


= dAg π  
and 
222
2222


−



−

= tdtdAseg π  (PCI Design Handbook (1992)). 
Ag represents the gross area of the circular cross-section and Aseg represents the area of 
each portion of the cross-section that was machined off (see Figure 7.6).  The first half of 
the stress-strain curve was obtained using the data from the two strain gages that were 
attached to the spiral wire within the gage length.  Necking of the cross-section occurred 
within the gage length of the specimen, but away from the location of the strain gages.  
As a result, the steel section at the location of the strain gages did not strain beyond 0.034 
in./in.  The post-peak descending branch of the stress-strain curve was obtained by 
dividing the cross-head displacement of the testing machine by a standard 2-in. gage 
length as per the ASTM A 370 Standard (ASTM 2002). 
 
Referring to Figure 7.7, the stress-strain curve of the spiral steel does not have a distinct 
yield point.  This may be a result of the distribution of residual stresses on the cross-
section due to the curved nature of the original spiral wire configuration (the effect of 
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residual stresses on the stress-strain relationship of spiral wire is discussed by Graybeal 
and Pessiki (1998)).  Therefore, the yield strength of the spiral steel, fsy, was not obtained 
directly from the tensile test, but was determined as follows.  As was noted above, the 
specifications for the spiral steel required that the material properties be similar to that of 
Gr. 60 reinforcement, which has a yield strength to ultimate strength ratio of 
approximately 0.65 (e.g., see Figure 7.4).  Therefore, for an ultimate strength, fsu, of 89 
ksi, the yield strength of the spiral steel, fsy, is approximately 60 ksi.  This value is used in 
the confinement model.  Referring to Figure 7.7, the fracture strain of the spiral steel, εsf, 
is 0.077 in./in. 
 
At the outset, the Mander model (1988a) was used in conjunction with the experimental 
spiral steel stress-strain relationship and with the unconfined concrete stress-strain 
relationship based on the Oh model (see Section 7.1.2) to obtain an analytical stress-
strain relationship for the spiral confined concrete of TW1 and TW2.  Figure 7.8 shows 
the analytical spiral confined stress-strain curve obtained using the Mander model.  It can 
be seen that the ultimate strain capacity of the spiral confined concrete, εcu, determined in 
accordance with the Mander model (i.e., using Equation A-1) is 0.032 in./in.  When this 
result is used to calculate the maximum lateral drift capacity of the test walls, Θccc 
(Section 2.4.8 derives Θccc), the resulting Θccc is much less than that observed from the 
test walls.  It is noted that when the nominal design strengths were utilized in Section 
5.1.3 to obtain the stress-strain relationship for the spiral confined concrete, εcu was 
calculated as 0.102 in./in. (see Figure 5.5).  The reason for this discrepancy in εcu is that, 
in the absence of a stress-strain curve for the spiral steel in the design stage (i.e., in 
Section 5.1.3), the value of εcu shown in Figure 5.5 was determined using Equation A-2 
(i.e., εcu was evaluated assuming that the total area under the stress-strain curve of the 
spiral steel up to the fracture strain, εsf, was equal to that given by Mander et al. (1998a) 
based on their test results).  Mander et al. (1988a) report that εsf ranged between 0.24 
in./in. and 0.29 in./in. for the steel tested in New Zealand.  Referring to Figure 7.7, the 
spiral steel tested at Lehigh University has a value of εsf equal to 0.077 in./in., which is 
less than one-third the values of εsf reported by Mander et al. (1988a).  This difference 
suggests that the Mander model should not be used with the spiral steel used in the 
present study.  Therefore, an alternative confinement model was sought to develop an 
analytical stress-strain relationship for the spiral confined concrete of TW1 and TW2. 
 
The Oh model (2002) for confined concrete under axial loading and constant 
confinement, was selected to establish the stress-strain relationship of the spiral confined 
concrete because it provides a rational approach for defining εcu.  The Oh model 
expresses the total (i.e., elastic plus plastic) transverse strain in the confined concrete as a 
function of the axial compressive strain.  Thus, failure of the confined concrete section 
can be defined when the transverse strain reaches the fracture strain of the confining 
reinforcement, εsf.   Figure 7.8 shows the analytical spiral confined stress-strain 
relationship obtained using the Oh model, which can be compared with the result 
obtained using the Mander model.  According to the Oh model, failure of the spiral 
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confined concrete occurs at εcu = 0.08 in./in.  The confined concrete compressive 
strength, ccf ′ , computed using the Oh model is 16 ksi. 
 
7.2 FIBER MODEL 
Kurama et al. (1996) developed a fiber model using the DRAIN-2DX program (Prakash 
and Powell 1993) which can be used to analyze unbonded post-tensioned precast walls 
subjected to gravity and lateral loads.  A brief description of the fiber model is given in 
this section to describe how the test walls were modeled.  As was discussed in Section 
5.2.1, the configuration of the test walls is different from that of the prototype wall (e.g., 
see Figure 5.10).  Therefore, the fiber model developed by Kurama et al., which is used 
to analyze a wall similar to the prototype wall shown in Figure 5.10(a), was adapted to 
model the test walls.  The differences between the fiber model proposed by Kurama et al. 
and the model of the test walls used in the present study are highlighted in the following 
sections.  Figure 7.9 shows the test wall fiber model, which is comprised of fiber 
elements, truss elements, and a rigid beam-column element.  Descriptions of how various 
components of a test wall are modeled using these elements follow. 
 
7.2.1 Modeling of Wall Panels 
The concrete portions of the test wall are modeled using fiber elements that are located at 
the centerline of the wall along the height, as shown in Figure 7.9.  Two fiber elements 
are used to model each wall panel.  The fiber element used to model the lower half of 
Panel 1 also models the gap opening behavior along the horizontal joint at the base of the 
test wall.  Kurama et al. (1996) describe the fiber element in detail and verify its axial-
flexural behavior.  A brief description is presented next as it applies to modeling Panel 1 
and Panel 2, which have confining reinforcement at the ends, as shown in Figure 7.9 
(refer to Section 5.1.1 for a description of the wall panel reinforcement details).  The 
concrete portions of the test wall components above Panel 2 are also modeled using fiber 
elements, but the effect of the confinement steel is not included because these test wall 
components do not have confining reinforcement.  This is discussed further later. 
 
Figure 7.9 shows a typical fiber element used to model Panel 1 and Panel 2.  The element 
has two nodes.  The node at the base of Panel 1 is given a fixed boundary condition to 
model the rigidity of the foundation.  The fiber element is divided into (but not limited to) 
four fiber segments.  The behavior of the fiber element is monitored at the midpoint of 
each fiber segment, represented by a fiber slice.  The fiber slice contains numerous fibers 
that represent an idealized cross-section of the test wall, as shown in Figure 7.9.  Each 
fiber is characterized by a uniaxial material stress-strain relationship, an area, and a 
distance from a longitudinal (in this case, vertical) reference axis (i.e., the test wall 
center-line).  It is noted that the steel reinforcement within each of the wall panels (e.g., 
the confining reinforcement) is not modeled directly in the fiber model, but rather the 
effect that this steel has in confining the concrete is included in the uniaxial compression 
stress-strain relationship of the concrete fibers. 
  
Typically, a finer fiber discretization (in terms of the number of fiber elements, fiber 
segments, and the number of fibers in a fiber slice) is preferred near the base of the wall 
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where the nonlinear deformations of the wall concentrate.  In the present study, a total of 
86 fibers are used to represent the cross-sections near the base of the test walls in the 
fiber model.  A finer discretization of fibers is used near the ends of the walls.  Each 
confined concrete region of the test walls (see Figures 5.2 and 5.3) is modeled using 18 
fibers with thicknesses ranging between 0.25 in. and 5 in.  It is emphasized that, to 
simplify the figure, the discretization of the cross-section shown in Figure 7.9 has been 
simplified from the actual cross-section discretization used in the fiber model.  
Furthermore, the PT steel conduits are not shown in Figure 7.9, although their areas are 
excluded from the fiber model. 
 
Kurama et al. (1996) show that the length of the fiber segment closest to the base of the 
wall controls the nonlinear behavior of the wall under lateral loads.  The length of the 
controlling fiber segment is set equal to the height of the wall region over which 
significant nonlinear behavior in the concrete is expected to occur, referred to as the 
critical height, Hcr.  Hcr can be estimated using Equation 2-33.  As summarized in Tables 
5.6 through Table 5.9, Hcr is estimated as 8 in. for TW1 and TW2 and as 9.5 in. for TW3 
through TW5.  The resulting location of the critical fiber slice, measured from the wall 
base is 4 in. for TW1 and TW2, and 4.75 in. for TW3 through TW5. 
 
Section 5.1.1 described the reinforcement details considered for Panel 1 through Panel 4 
of the test wall (these reinforcement details were shown schematically in Figures 5.2 
through 5.4).  Consider the cross-section shown in Figure 5.2.  The concrete within the 
wall panel is subjected to three levels of confinement: (1) unconfined (cover) concrete; 
(2) confined concrete (i.e., concrete within the confining reinforcement); and (3) partially 
confined concrete (i.e., concrete in the central portion of the panel, outside the confining 
reinforcement and inside the welded wire mesh (or horizontal steel for the panel shown in 
Figure 5.3)).  As a result, three types of concrete fibers with different stress-strain 
relationships are identified in Figure 7.9: (1) unconfined (cover) fibers; (2) confined 
concrete fibers; and (3) partially confined fibers.  The stress-strain relationships for the 
confined and unconfined concrete were obtained as discussed in Sections 7.1.2 through 
7.1.4.  The partially confined fibers were assumed to have the same stress-strain 
relationship as the unconfined fibers, based on results from Kurama et al. (1996), which 
show that this assumption would not influence the lateral load response of the wall. 
 
Discretized Concrete Stress-Strain Relationships 
The fiber beam-column element in the DRAIN-2DX program (Prakash and Powell 1993) 
requires that the analytical stress-strain relationship of each fiber be defined using a five-
segment piecewise linear discretized stress-strain relationship.  The piecewise linear 
stress-strain relationship is specified as a series of stress-strain value pairs.  Figure 7.10 
shows the discretized concrete stress-strain relationships used in the fiber model of TW1 
and TW2.  The smooth unconfined and spiral confined analytical stress-strain 
relationships shown in Figure 7.10 were obtained using the Oh model based on material 
component tests, as was discussed in Sections 7.1.2 and 7.1.4.  In general, the smooth 
stress-strain relationships should be discretized in a manner that satisfies the following: 
(1) the slope of the first segment of the discretized stress-strain curves should be equal to 
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Ec for both the unconfined and the confined concrete stress-strain relationships, and (2) 
the compressive strength of the unconfined concrete and the confined concrete should be 
captured by the discretized stress-strain curve.   
It is noted that in the DRAIN-2DX fiber beam-column element, the compressive strain in 
a fiber can increase beyond the last specified strain value (typically εcu) established by the 
piecewise linear stress-strain relationship, but the stress remains constant at the last stress 
value that is specified.  This is illustrated in Figure 7.10 by the dashed horizontal line.  
Therefore, at the completion of a fiber model analysis of a test wall, the strain in the most 
critical fiber (i.e., the outermost confined concrete fiber) was computed for the entire 
loading history and failure of the test wall (i.e., CCC) was defined at the state when the 
compressive strain in this fiber reached εcu.   
 
Figure 7.11 shows the discretized concrete stress-strain relationships considered in the 
fiber model of TW3 through TW5.  The smooth unconfined and hoop confined stress 
strain relationships shown in Figure 7.11 were obtained using the Oh model and the 
Mander model, respectively, as discussed in Sections 7.1.2 and 7.1.3.  Figure 7.11 shows 
four different piecewise linear curves considered for the discretization of the stress-strain 
relationship of the hoop confined concrete.  Discretization 1 is the best approximation to 
the smooth stress-strain relationship of the hoop confined concrete, but this discretization 
cannot be used for two reasons: (1) Discretization 1 requires the use of six piecewise 
linear segments, which is not allowed by the DRAIN-2DX fiber beam-column element, 
and (2) the DRAIN-2DX fiber beam-column element does not permit an increase in the 
tangent modulus except where the stress-strain curve becomes constant after the last 
specified stress-strain pair.  As an alternative to Discretization 1, Discretization 2 may be 
used.  Even though at first glance, Discretization 2 appears to violate the same conditions 
that Discretization 1 violates, Discretization 2 is allowed by the DRAIN-2DX fiber beam-
column element because the sixth horizontal segment of Discretization 2 occurs after the 
last specified stress-strain pair, similar to the horizontal dashed line shown in Figure 7.10 
for the discretization of the spiral confined concrete.  Discretization 2 was used in the 
fiber model of TW5. 
 
When Discretization 2 was used in the fiber model of TW3, the fiber model analysis 
could not be completed because the fiber element at the wall base did not converge.  This 
non-convergence occurred because the descending branch of Discretization 2 was too 
steep.  Therefore, Discretization 3 was used for TW3. 
 
When Discretization 3 was used in the fiber model of TW4, again, the fiber model 
analysis could not be completed due to non-convergence in the fiber element at the wall 
base.  Thus, Discretization 4, which has a descending branch with half the slope of the 
descending branch of Discretization 3, was used in the fiber model of TW4.  Figure 7.12 
shows that reducing the slope of the descending branch by 50% does not result in a 
significant variation in the base shear-lateral drift response of the wall, yet the analysis is 
performed to completion. 
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In summary, the discretized spiral confined concrete stress-strain relationship shown in 
Figure 7.10 was assigned to the fibers modeling the spiral confined concrete of TW1 and 
TW2.  The discretized unconfined concrete stress-strain relationship shown in Figure 
7.10 was assigned to the fibers modeling the unconfined concrete and the partially 
confined concrete of TW1 and TW2.  The discretized unconfined concrete stress-strain 
relationship shown in Figure 7.11 was assigned to the fibers modeling the unconfined 
concrete and the partially confined concrete of TW3 through TW5.  The following 
discretized stress-strain relationships (shown in Figure 7.11) were assigned to the fibers 
modeling the hoop confined fibers of the following test walls: Discretization 3 for TW3; 
Discretization 4 for TW4; and Discretization 2 for TW5. 
 
The test wall components above Panel 2 (see Figure 7.9) were modeled in the same way 
as Panel 1 and Panel 2, except that all of the fibers in the cross-section were assigned 
unconfined concrete stress-strain properties.  It is noted that the two fiber elements 
located at the loading block level only model the portion of the loading block that spans 
the length of the test walls, lw.  The portion of the loading block that extends westward (to 
the left in Figure 7.9), which is assumed to behave rigidly, is modeled using a beam-
column element with large strength and stiffness properties assigned to it.  This element 
is referred to as the rigid beam-column element in Figure 7.9.  The rigid beam-column 
element is unique to the test walls and was not proposed by Kurama et al. (1996). 
 
7.2.2 Modeling of Gap Opening Behavior 
Modeling of gap opening behavior at the wall base in the fiber model is discussed by 
Kurama et al. (1999b).  Gap opening displacement along a horizontal joint is represented 
as distributed tensile deformation in the adjacent wall panels.  In order for gap opening 
displacements to be distributed in the wall panels, the tensile strength of the concrete 
fibers is neglected.  Recall that the steel reinforcement within each wall panel does not 
extend across any of the horizontal joints.  Thus, the fibers modeling the cross-section of 
the test walls do not carry tension.  The reduction in the lateral stiffness of the test walls 
associated with gap opening behavior is represented in the fiber model by the zero 
stiffness of the concrete fibers that go into tension. 
 
7.2.3 Modeling of Post-Tensioning Bars 
Each PT bar is modeled separately in the fiber model using one truss element.  As shown 
in Figure 7.9, the PT bars are anchored to the test wall at the top of the extension panel 
and within the foundation.  The anchorages at the top of the extension panel are modeled 
by constraining the displacements (two translations and one rotation) of the  nodes of the 
truss elements to the displacements of the node at the top of the extension panel.  The 
constraint (represented by a bold line in Figure 7.9) ensures that at the top of the 
extension panel, the vertical and horizontal displacements of the truss elements are 
compatible with the displacements and rotation of the beam-column element modeling 
the extension panel.   
 
Kurama et al. (1996) describe an alternate way of modeling each PT bar, which involves 
using several truss elements connected end to end along the height of the wall.  In this 
 7-10 
case, the horizontal displacement of the intermittent truss element nodes must be 
constrained to the fiber element nodes located at the same elevation.  This alternate 
model ensures that the displaced shape of the truss elements is compatible with the 
displaced shape of the fiber elements along the height of the wall.  However, Kurama et 
al. (1996) showed that, for static analyses, negligible differences in the base shear-roof 
displacement response of a wall were observed when modeling the PT bars with one truss 
element or with several truss elements.  Therefore the simpler one truss element per PT 
bar model was used in the present study.  Kurama et al. (1996) caution that for dynamic 
analyses, where the differences in the displaced shapes of the truss elements and the fiber 
elements can be significant due to higher mode effects, the multiple-truss element model 
should be used. 
 
PT Steel Stress-Strain Relationship 
Figure 7.13 shows the PT steel stress-strain relationship obtained experimentally by 
Horan (2002).  The DRAIN-2DX program (Prakash and Powell 1993) uses a bilinear 
stress-strain relationship for the truss elements.  Therefore, the bilinear stress-strain 
relationship shown in Figure 7.13 is used for each of the truss elements modeling the PT 
bars in the test walls. 
 
Cautionary Note 
The experimental test wall results presented in Chapter 6 showed that, under cyclic 
loading, the PT bars may lose all of their initial prestress after the test walls are unloaded 
from large lateral drifts (e.g., see Figure 6.104).  In these cases, it is recommended that an 
additional element be connected in series with the truss element(s) modeling the PT bars.  
This additional element is the compression/tension link element in the DRAIN-2DX 
program (Prakash and Powell 1993), referred to as the c/t element herein.  The c/t 
element is a simple inelastic bar element that only resists axial load and can be used to 
model a cable which can be prestressed, but does not carry compression (i.e., it goes 
slack in compression).  The c/t element is required in instances where the PT bars lose 
their prestress because the truss element by itself cannot capture this behavior (i.e., the 
truss element will carry compression).  It is noted that the c/t element cannot replace the 
truss element(s) because, although an initial prestress force can be assigned to it, the 
provisions for transmitting this initial prestress force into the fiber beam-column elements 
modeling the wall panels does not exist for the c/t element. 
 
For the fiber model of TW5, one unit-length c/t element was used in series with the truss 
element to model each of the PT bars in TW5.  However, as will be shown in Chapter 8, 
the c/t elements were not required since the fiber model of TW5 failed (i.e., CCC was 
reached) before any prestress losses were observed in the trusses.  Nevertheless, it is 
recommended that when conducting cyclic or dynamic analyses, the forces in the truss 
elements be monitored to ensure that no compression forces develop in them. 
 
7.2.4 Modeling of Loads 
Three types of loads are included in the fiber model: (1) post-tensioning forces; (2) 
gravity loads; and (3) the lateral load at the level of the loading block.  In the test wall 
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fiber model, the post-tensioning forces and gravity loads are applied first, followed by the 
lateral load, in fixed order. 
In the fiber model, post-tensioning forces are modeled as initial forces in the truss 
elements that model the PT bars.  Upon application of the tensile forces in the truss 
elements, compression forces develop in the fiber elements modeling the wall panels to 
satisfy equilibrium.  The compression forces cause the fiber elements and the truss 
elements to undergo elastic axial shortening.  The elastic shortening due to post-
tensioning causes some of the tensile force in the truss elements to be lost.  Thus, the 
required total force applied to the truss elements, Pt, to achieve the desired level of total 
force in the PT bars after elastic shortening due to post-tensioning, iP′ , is given by 
Kurama et al. (1996) as: 



 +′=
netw
p
it A
A
mPP
,
1         (7-2) 
where m is the modular ratio (i.e., Ep/Ec), Ap is the total cross-sectional area of PT steel in 
the wall, and netwA ,  is the net cross-sectional area of the wall (i.e., gross cross-sectional 
area minus the area of the PT steel ducts). 
 
Two types of gravity loads are considered in the fiber model: (1) the self-weight of each 
test wall component and (2) the superimposed gravity load, Nact.  The self weight of each 
of the wall panels is modeled by concentrated vertical forces on the mid-height nodes 
modeling the wall panels, as shown in Figure 7.14.  The self-weight of the loading block, 
the filler panel, and the extension panel is included as a lumped vertical force applied to 
the loading block mid-height node, as shown in Figure 7.14.  The superimposed gravity 
load, Nact is applied to the test walls using external PT bars, as discussed in Section 5.2.1.  
In the fiber model, one truss element (referred to as a gravity-load truss element in 
Figures 7.9 and 7.14) is used to model the external PT bars used for the application of 
Nact.  The gravity-load truss element is attached to the loading block mid-height node and 
to a node located beneath wall base (i.e., within the foundation).  Nact is modeled as a 
tensile force in the gravity load truss element.  In order to maintain a nearly constant 
value of Nact in the fiber model (as in the experiments), the gravity-load truss element is 
made to be very flexible by assigning to it a very small elastic modulus.  The gravity-load 
truss element was not considered by Kurama et al. (1996) because in a real structure, 
gravity loads remain vertical, unlike the Nact force used in the test walls, which becomes 
inclined to the vertical as the wall displaces. 
 
P-Delta Effects 
Section 6.1 identified two possible displaced states that a test wall can undergo (e.g., see 
Figure 6.1).  Figure 7.15 shows the forces acting on the test wall as it is displaced 
eastward.  Note that for eastward loading, the actuator translates vertically by ∆act,y; the 
self-weight forces translate horizontally (eastward); and horizontal forces develop at the 
top of the extension panel and at the mid-height of the loading block.  In order to capture 
these horizontal forces and the translation of the actuator force and the self-weight foces 
in the fiber model, P-delta effects were included in all elements. 
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7.3 SUMMARY OF TEST WALL MATERIAL PROPERTIES 
This chapter presented the material properties of various test wall components obtained 
either directly from experiments or using analytical models based on component tests.  
Tables 7.1 through 7.4 summarize the properties of TW1 through TW5 based on the 
material properties presented in this chapter.  Tables 7.1 through 7.4 are organized in the 
same way that Tables 5.6 through 5.9 were organized.  The parameters summarized in 
Tables 7.1 through 7.4 are used to predict the response of TW1 through TW5 using: (1) 
the closed-form expressions derived in Chapter 2 and (2) the fiber model described in this 
chapter.  Chapter 8 compares the results obtained from the closed-form expressions and 
the fiber model analyses to the experimental results. 
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Table 7.1. TW1 and TW2 properties. 
Length, lw 100 in. 
Height, Hw = Hact 284.75 in. 
Unbonded height, Hunb 390 in. 
Thickness, tw 6 in. 
Confined length, lcr  26.75 in. 
Confined height, hcr 65 in. x 2 = 130 in. 
Confined thickness, wt ′′  4 in. 
Critical crushing height, Hcr 8 in. 
Stories, r  4 panels + ½ loading block  = 5 
Floor height ratios: rH1; rH2;  
                      rH3; rH4; rHr 
0.2283; 0.4565; 
0.6848; 0.9131; 1.0 
Aw,net 558.4 in.2 
Iw 4.924 x 105 in.4 
Wall 
Parameters 
wA′  465.4 in.2 
Ap1 + Ap2 + Ap3 = Ap (2.5 + 2.5 + 2.5) in.2 = 7.5 in.2 
ep 17.25 in. 
Ep 29000 ksi 
fpy 138 ksi 
fpu 160 ksi 
fp1i = fp2i = fp3i = 0.553fpu 88.5 ksi 
T1i = T2i = T3i 221.2 kips 
Prestress 
Parameters 
fci,p = (T1i + T2i + T3i)/Aw,net 1.19 ksi 
fsy 60 ksi Spiral Steel 
Properties fsu 89 ksi 
cf ′  7.6 ksi 
Ec 3937 ksi 
Gc 1712 ksi 
Volumetric ratio: ρsp 7.39% 
ccf ′  16 ksi 
Concrete 
Properties 
εcu 0.08 in./in. 
N  173.4 kips 
eNi (for i = 1 to r) 0 in. Load 
Parameters Floor load ratios: rF1; rF2;  
                               rF3; rF4; rFr 
0.0; 0.0;  
0.0; 0.0; 1.0 
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Table 7.2. TW3 properties. 
Length, lw 100 in. 
Height, Hw = Hact 284.75 in. 
Unbonded height, Hunb 390 in. 
Thickness, tw 6 in. 
Confined length, lcr  26.875 in. 
Confined height, hcr 65 in. x 2 = 130 in. 
Confined thickness, wt ′′  4.75 in. 
Critical crushing height, Hcr 9.5 in. 
Stories, r  4 panels + ½ loading block  = 5 
Floor height ratios: rH1; rH2;  
                      rH3; rH4; rHr 
0.2283; 0.4565; 
0.6848; 0.9131; 1.0 
Aw,net 558.4 in.2 
Iw 4.924 x 105 in.4 
Wall 
Parameters 
wA′  465.4 in.2 
Ap1 + Ap2 + Ap3 = Ap (2.5 + 2.5 + 2.5) in.2 = 7.5 in.2 
ep 17.25 in. 
Ep 29000 ksi 
fpy 138 ksi 
fpu 160 ksi 
fp1i = fp2i = fp3i = 0.553fpu 88.5 ksi 
T1i = T2i = T3i 221.2 kips 
Prestress 
Parameters 
fci,p = (T1i + T2i + T3i)/Aw,net 1.19 ksi 
fsy 62.7 ksi 
fsu 96.5 ksi 
Hoop Steel 
Properties εsf 0.139 in./in. 
cf ′  8 ksi 
Ec 5098 ksi 
Gc 2217 ksi 
Area ratios: ρh,lw; ρh,tw 2.47%; 1.75% 
ccf ′  13 ksi 
Concrete 
Properties 
εcu 0.0732 in./in. 
N  173.4 kips 
eNi (for i = 1 to r) 0 in. Load 
Parameters Floor load ratios: rF1; rF2;  
                               rF3; rF4; rFr 
0.0; 0.0;  
0.0; 0.0; 1.0 
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Table 7.3. TW4 properties. 
Length, lw 100 in. 
Height, Hw = Hact 284.75 in. 
Unbonded height, Hunb 390 in. 
Thickness, tw 6 in. 
Confined length, lcr  26.875 in. 
Confined height, hcr 65 in. x 2 = 130 in. 
Confined thickness, wt ′′  4.75 in. 
Critical crushing height, Hcr 9.5 in. 
Stories, r  4 panels + ½ loading block  = 5 
Floor height ratios: rH1; rH2;  
                      rH3; rH4; rHr 
0.2283; 0.4565; 
0.6848; 0.9131; 1.0 
Aw,net 558.4 in.2 
Iw 4.924 x 105 in.4 
Wall 
Parameters 
wA′  465.4 in.2 
Ap1 + Ap2 + Ap3 = Ap (2.5 + 2.5 + 2.5) in.2 = 7.5 in.2 
ep 17.25 in. 
Ep 29000 ksi 
fpy 138 ksi 
fpu 160 ksi 
fp1i = fp2i = fp3i = 0.277fpu 44.3 ksi 
T1i = T2i = T3i 110.6 kips 
Prestress 
Parameters 
fci,p = (T1i + T2i + T3i)/Aw,net 0.59 ksi 
fsy 62.7 ksi 
fsu 96.5 ksi 
Hoop Steel 
Properties εsf 0.139 in./in. 
cf ′  8 ksi 
Ec 5098 ksi 
Gc 2217 ksi 
Area ratios: ρh,lw; ρh,tw 2.47%; 1.75% 
ccf ′  13 ksi 
Concrete 
Properties 
εcu 0.0732 in./in. 
N  173.4 kips 
eNi (for i = 1 to r) 0 in. Load 
Parameters Floor load ratios: rF1; rF2;  
                               rF3; rF4; rFr 
0.0; 0.0;  
0.0; 0.0; 1.0 
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Table 7.4. TW5 properties. 
Length, lw 100 in. 
Height, Hw = Hact 284.75 in. 
Unbonded height, Hunb 390 in. 
Thickness, tw 6 in. 
Confined length, lcr  26.875 in. 
Confined height, hcr 65 in. x 2 = 130 in. 
Confined thickness, wt ′′  4.75 in. 
Critical crushing height, Hcr 9.5 in. 
Stories, r  4 panels + ½ loading block  = 5 
Floor height ratios: rH1; rH2;  
                      rH3; rH4; rHr 
0.2283; 0.4565; 
0.6848; 0.9131; 1.0 
Aw,net 558.4 in.2 
Iw 4.924 x 105 in.4 
Wall 
Parameters 
wA′  465.4 in.2 
Ap1 + Ap2 + Ap3 = Ap (1.25 + 1.25 + 1.25) in.2 = 3.75 in.2 
ep 20 in. 
Ep 29000 ksi 
fpy 138 ksi 
fpu 160 ksi 
fp1i = fp2i = fp3i = 0.553fpu 44.3 ksi 
T1i = T2i = T3i 110.6 kips 
Prestress 
Parameters 
fci,p = (T1i + T2i + T3i)/Aw,net 0.59 ksi 
fsy 62.7 ksi 
fsu 96.5 ksi 
Hoop Steel 
Properties εsf 0.139 in./in. 
cf ′  8 ksi 
Ec 5098 ksi 
Gc 2217 ksi 
Area ratios: ρh,lw; ρh,tw 2.47%; 1.75% 
ccf ′  13 ksi 
Concrete 
Properties 
εcu 0.0732 in./in. 
N  173.4 kips 
eNi (for i = 1 to r) 0 in. Load 
Parameters Floor load ratios: rF1; rF2;  
                               rF3; rF4; rFr 
0.0; 0.0;  
0.0; 0.0; 1.0 
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Figure 7.2. Experimental and analytical unconfined concrete stress-strain
                   relationships for the concrete used in TW1 and TW2.
Figure 7.1. Stress-strain relationship for PT steel used in test walls
                  (experimental and analytical) (adapted from Horan (2002)).
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Figure 7.3. Analytical unconfined concrete stress-strain relationship for the 
                  concrete used in TW3 through TW5 (based on Oh (2002)).
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Figure 7.5. Analytical hoop confined concrete stress-strain relationship 
                  for TW3 through TW5 (based on Mander et al. (1988a)).
Figure 7.6. Schematic of spiral steel tension specimen.
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Figure 7.7. Experimental stress-strain relationship for spiral steel used
                  to confine Panel 1 of TW1 and TW2.
Figure 7.8. Analytical spiral confined concrete stress-strain relationships
                  for TW1 and TW2.
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Figure 7.9. The fiber model of a test wall.
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Figure 7.10. Discretized concrete stress-strain relationships used in 
                    the fiber model of TW1 and TW2.
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Figure 7.13. Bilinear PT steel stress-strain relationship used in the fiber model.
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Figure 7.15. P-delta considerations in the fiber model.
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 CHAPTER 8 
 
VERIFICATION OF ANALYTICAL MODELS 
 
This chapter presents comparisons between experimental results and results obtained 
using a tri-linear model and fiber model analyses for TW1 through TW5.  The tri-linear 
model is an idealized model of the lateral load behavior defined by a set of generalized 
closed-form expressions derived in Chapter 2.  The fiber model was described in Chapter 
7.  Included in this chapter are comparisons of the global response of the test walls, such 
as base shear-lateral drift response curves under monotonic and cyclic loading; displaced 
shapes; and rotation profiles.  In addition, the effectiveness of the analytical models (i.e., 
the fiber model and the tri-linear model) in capturing the behavior of the test walls locally 
at the base is explored.  Comparisons are also made between the fiber model analysis 
results and the experimental results to evaluate the effectiveness of the fiber model in 
capturing the force behavior in the PT bars during cyclic loading of a test wall.  Finally, 
conclusions are drawn regarding the effectiveness of the analytical models in capturing 
the lateral load response of the test walls. 
 
8.1 COMPARISONS BETWEEN EXPERIMENTAL AND ANALYTICAL 
RESULTS 
This section presents comparisons between analytical model results and experimental 
results.  The following abbreviations are used in the figures in order to distinguish 
between results obtained using the tri-linear model based on closed-form expressions 
derived in Chapter 2; fiber model analyses using the fiber model described in Chapter 7; 
and experimental test results:  
 
C.F.E. = tri-linear model based on closed-form expressions; 
F.M.A. = fiber model analysis; 
and Exp. = experiment. 
 
Results from the tri-linear model were obtained for each test wall using the properties 
summarized in Tables 7.1 through 7.4.  Fiber model analyses were performed for each 
test wall using the fiber model described in Chapter 7 and the material properties 
summarized in Tables 7.1 through 7.4.  The figures presented in this chapter use several 
symbols to identify when certain limit states are reached during an analysis or during 
testing (see Table 8.1 for a legend of symbols).  The limit states of interest, which were 
described in detail in Section 2.3, are decompression (DEC), the effective linear limit 
(ELL), cover spalling (SPL), yielding of the PT steel (LLP), and crushing of the confined 
concrete (CCC).  The closed-form expressions are used to estimate response quantities 
corresponding to the limit states of DEC, ELL, LLP, and CCC, while results from fiber 
model analyses and from experiments are used to estimate response quantities 
corresponding to the limit states of DEC, SPL, LLP, and CCC.   
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8.1.1 Comparison of Response Under Monotonic Loading 
TW1 was the only test wall subjected to monotonic lateral loading.  In this section, the 
lateral load response of TW1 is compared with the response based on the fiber model and 
the tri-linear model.  Figure 8.1 compares the lateral load response of TW1 based the 
fiber model analysis, the tri-linear model analysis, and the experiment.  The base shear 
corresponds to the horizontal component of the applied lateral load, Vx (refer to Figures 
6.1 and 7.14).  The lateral drift is computed using Equation 6-3 and is expressed as a 
percent.  It is noted that for the fiber model, the lateral displacement of the loading block, 
∆LB, is defined as the lateral displacement of the loading block mid-height node, as shown 
in Figure 7.15. 
 
Figure 8.1 shows that the lateral load results obtained for TW1 from the fiber model 
analysis and the tri-linear model are in excellent agreement with the experimental result.  
Table 8.2 summarizes the base shear and lateral drift values obtained for TW1 using the 
closed-form expressions for selected limit states.  The base shear and lateral drift values 
obtained from fiber model analysis of TW1 under monotonic loading are summarized in 
Table 8.3.  Lastly, the base shear and lateral drift values obtained experimentally for 
TW1 are summarized in Table 6.1.  Table 8.4 compares the base shear and lateral drift 
values summarized in Tables 8.2, 8.3, and 6.1 for TW1.  Referring to Figure 8.1 and 
Table 8.4, it is seen that the base shear and lateral drift estimated for TW1 using the fiber 
model and closed-form expressions are in excellent agreement with the experimental 
lateral load results, except that Θccc estimated from the fiber model analysis is 15% 
greater than the experimental Θccc. 
 
Figure 8.2 compares the gap opening behavior along the base joint for selected limit 
states of TW1 based on the fiber model analysis and on the experiment.  The gap opening 
from the fiber model is calculated at selected locations across the wall by multiplying the 
strain at each location (calculated using the axial strain and curvature at the critical fiber 
slice at the base of the wall) by the critical confined concrete crushing height, Hcr.  
Referring to Figure 8.2, it is seen that, in general, the gap opening behavior along the 
base joint predicted by the fiber model is in good agreement with the experimental result.  
Figure 8.3 shows a comparison of the variation in the contact length along the wall base 
for TW1 based on the fiber model, closed-form expressions, and the experiment.  Section 
8.1.5 describes how the contact length is determined from the fiber model analysis and 
the closed-form expressions.  It is seen that the analytical predictions of the contact 
length are in excellent agreement with the experimental result.  Figures 8.4 and 8.5 
compare the displaced shape and rotation profile of TW1 from the fiber model analysis 
and the experiment.  It is seen that the fiber model analysis results are in good agreement 
with the experimental results, indicating that the fiber model captures the dominant rigid-
body rotation of the test wall resulting from gap opening behavior along the horizontal 
joint at the base.   
 
8.1.2 Comparisons of Envelope Lateral Load Response Under Cyclic Loading 
Figure 8.6 compares the experimental envelope lateral load response curves for TW2 
through TW5 to monotonic analysis results from the fiber model analysis and the tri-
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linear model analysis.  The experimental envelope response curves were obtained for 
each test wall as described in Chapter 6.  Tables 8.2 and 8.3 summarize the base shear 
and lateral drift values from the closed-form expressions and the fiber model analysis 
corresponding to the limit states identified in Figure 8.6.  The experimental base shear 
and lateral drift values plotted in Figure 8.6 are summarized in Table 6.1.  Tables 8.5 
through 8.8 compare the base shear and lateral drift values summarized in Tables 8.2, 8.3, 
and 6.1 for TW2 through TW5, respectively.  Figure 8.6 and Tables 8.5 through 8.8 show 
that, in general, the lateral load response curves from the monotonic fiber model analysis 
and from the tri-linear model analysis are in excellent agreement with the envelope 
experimental lateral load response of TW1 through TW5.  Furthermore, the comparison 
of results shows that, except for Θccc, the analytical models under monotonic loading 
accurately capture the force and drift levels associated with each limit state.  The largest 
discrepancy between the analytical results and the experimental results is observed for 
TW3 under westward loading.  This discrepancy is attributed to premature spalling of the 
west end of TW3 which, as discussed in Chapter 6, is believed to have resulted from poor 
consolidation of the concrete during the casting of Panel 1 of TW3. 
 
8.1.3 Comparisons of Cyclic Lateral Load Response  
Figures 8.7 through 8.10 compare the cyclic lateral load response of TW2 through TW5, 
respectively, from the fiber model analyses and the experiments.  Figures 8.7(a), 8.8(a), 
8.9(a), and 8.10(a) show the complete cyclic lateral load response curves of TW2 through 
TW5, respectively, from fiber model analysis.  The key limit states are identified in each 
plot using the symbols defined previously in Table 8.1.  Figures 8.7(b), 8.8(b), 8.9(b), and 
8.10(b) compare the following lateral load response curves for TW2 through TW5, 
respectively: (1) a monotonic curve for eastward loading (corresponding to positive 
lateral drift values, as discussed in Chapter 6) from a monotonic fiber model analysis; (2) 
a monotonic curve for westward loading from a monotonic fiber model analysis; (3) 
selected lateral drift cycles from a cyclic fiber model analysis; and (4) selected lateral 
drift cycles from the experiment.  The following discussion utilizes these figures to 
evaluate the accuracy of the fiber model in predicting the lateral load response of each 
test wall under cyclic loading.  Table 8.9 summarizes the base shear and lateral drift 
values for selected limit states based on a cyclic fiber model analysis of each test wall.  
The base shear and lateral drift values summarized for selected limit states in Tables 8.3 
and 8.9 are compared in Tables 8.4 through 8.8 for TW2 through TW5, respectively, to 
study the influence of monotonic versus cyclic lateral loading on these parameters, based 
on fiber model analyses.  Lastly, a summary of the equilibrium conditions of the test 
walls at selected limit states, obtained from the fiber model analyses, is provided for 
eastward and westward half-cycles in Tables 8.10 and 8.11.  The values summarized in 
Tables 8.10 and 8.11 are: the PT bar forces, TPT1 through TPT6; the total gravity load, N; 
the base shear (i.e., applied lateral load), Vx; the magnitude and location of the 
compression resultant at the wall base, C and lC, respectively; the length of gap opening 
along the horizontal joint at the base (estimated at the critical slice in the fiber model), lgo; 
and the contact length measured from the compression edge of the wall, c; and the post-
spalling contact length, c ′′ .  These values are compared with the experimental results 
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summarized in Tables 6.2 and 6.3 for eastward and westward loading of the test walls, 
respectively. 
 
TW2 
Figure 8.7 shows that the cyclic lateral load response of TW2 from the fiber model 
analysis is in excellent agreement with the experimental cyclic lateral load response of 
TW2.  In particular, the fiber model accurately captures the hysteretic behavior and self-
centering response of TW2.  Referring to Table 8.5, it is seen that, except for Vccc and 
Θccc, the base shear and lateral drift values for TW2 based on fiber model analyses are not 
significantly influenced by the type of loading, however cyclic loading reduces Vccc and 
Θccc.  Furthermore, comparing Table 8.10 to Table 6.2, it is seen that for eastward loading 
of TW2, the equilibrium conditions determined from the fiber model analysis agree very 
well with the experimental results for all the limit states selected.  The same is true for 
westward loading, as observed by comparing Table 8.11 to Table 6.3. 
 
TW3 
Figure 8.8 shows that the cyclic lateral load response of TW3 from the fiber model 
analysis is in excellent agreement with the experimental cyclic lateral load response of 
TW3 for eastward half-cycles.  As noted earlier, the west end of TW3 spalled 
prematurely, resulting in early softening behavior.  Therefore, the comparisons between 
experimental and analytical results for westward loading of TW3 should not be 
considered for determining the accuracy of the fiber model results or results obtained 
from the tri-linear model.  Referring to Table 8.6, it is seen that, except for Vccc and Θccc, 
the base shear and lateral drift values for TW3 based on fiber model analyses are not 
significantly influenced by the type of loading, however, cyclic loading reduces Vccc and 
Θccc.  Furthermore, comparing Table 8.10 to Table 6.2, it is seen that for eastward loading 
of TW3, the equilibrium conditions determined from a fiber model analysis agree very 
well with the experimental results for all the limit states selected. 
 
TW4 
Figure 8.9 shows that the cyclic lateral load response of TW4 from the fiber model 
analysis does not agree well with the experimental cyclic lateral load response of TW4, 
although the general trend in the response is captured by the fiber model.  That is, the 
fiber model captures the overall hysteretic behavior and self-centering response of TW4, 
but overestimates the base shear capacity throughout the lateral load response.  Of 
significance is the observation that the base shear capacity estimated for TW4 using the 
fiber model is larger for the cyclic analysis than for the monotonic analysis.  Referring to 
Table 8.7, it is seen that only Vdec and Θdec are in agreement, indicating that beyond the 
decompression limit state, the type of loading has a significant effect on the lateral load 
response of TW4 from the fiber model analyses.  The expectation is that the fiber model 
analysis results for TW4 should be similar to the results of TW2 and TW3, where the 
monotonic lateral load response curve serves as an envelope to the cyclic lateral load 
response.  However, for the case of TW4, the fiber model appears to have difficulties 
capturing the correct lateral load response.  Section 8.1.6 investigates the source of this 
discrepancy. 
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TW5 
As was observed for TW4, Figure 8.10 shows that the cyclic lateral load response of 
TW5 from the fiber model analysis does not agree well with the experimental cyclic 
lateral load response of TW5, although the general trend in the response is captured by 
the fiber model.  That is, the fiber model captures the overall hysteretic behavior and self-
centering response of TW5, but overestimates the base shear capacity throughout the 
lateral load response.  In addition, Θccc is significantly underpredicted by the fiber model 
cyclic analysis.  As observed for TW4, the base shear capacity estimated for TW5 using 
the fiber model is larger for the cyclic analysis than for the monotonic analysis.  
Referring to Table 8.8, it is seen that only Vdec, Θdec, Vspl, and Θspl are in agreement, 
indicating that beyond the softening region, the type of loading has a significant effect on 
the lateral load response of TW5 from the fiber model analyses.  Section 8.1.6 
investigates the source of this discrepancy. 
 
8.1.4 Comparisons of PT bar forces 
Since the PT bar forces contribute significantly to the lateral load response of the wall 
(e.g., base shear capacity and self-centering behavior), the fiber model analysis must 
accurately capture the forces that develop in the PT bars if the correct lateral load 
behavior is to be obtained.  Therefore, this section evaluates the effectiveness of the fiber 
model in determining the PT bar forces.   
 
Figures 8.11 and 8.12 compare the normalized stress and force in the PT bars for TW2 
and TW5, respectively, based on fiber model analyses and on the experiments.  The fiber 
model analysis results correspond to the normalized stress and force in the truss elements 
modeling the PT bars in TW2 and TW5.  The experimental normalized stress and force in 
the PT bars were determined from strain gage data, as described in Chapter 6.  Figures 
8.11 and 8.12 show that the fiber model accurately captures the force that develops the 
PT bars during cyclic loading of TW2 and TW5, respectively.  Tables 8.10 and 8.11 
summarize the PT bar forces at selected limit states for eastward and westward half-
cycles of loading using the fiber model.  These PT bar forces can be compared to PT bar 
forces determined for each test wall by comparing Tables 8.10 and 8.11 to Tables 6.2 and 
6.3, respectively.  In general, the PT bar forces from fiber model analyses agree well with 
the PT bar forces determined for each test wall. 
 
8.1.5 Comparisons of Contact Length at Wall Base 
For the fiber model, the contact length at the wall base is determined at the critical fiber 
slice at the base of the wall by identifying the location of the neutral axis (NA) (i.e., the 
location of zero strain).  The location of the NA is estimated from the curvature and the 
axial strain at the centroidal axis of the wall, which are obtained from the critical fiber 
slice. 
 
The contact length at the wall base can also be estimated for certain limit states using the 
closed-form expressions derived in Chapter 2 as follows.  At ELL, when Vell-1 governs in 
the computation of Vell (see Section 2.4.3), the contact length, c can be estimated as: 
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1β
ac =             (8-1) 
where a and 1β  are the concrete stress block parameters.  The parameter a is given in 
Equation 2-12 and 1β  is calculated in accordance with Nilson (1997) as: 
1000
400005.085.01
−′−= cfβ  and 85.065.0 1 ≤≤ β    (8-2) 
where cf ′  is given in psi.  On the other hand, when Vell-2 governs in the computation of 
Vell (see Section 2.4.3), the contact length, c can be estimated as lw/4 (see Figure 2.8(c)). 
 
The contact length, c plotted in Figure 8.13 at LLP and CCC is calculated from the post-
spalling contact length, c ′′  by adding to it the cover thickness.  The post-spalling contact 
length at LLP and CCC, llpc ′′  and cccc ′′ , are estimated using the iterative approach 
presented in Section 2.4.5.  It is noted that the post-spalling contact length at CCC, cccc ′′  is 
assumed equal to the post-spalling contact length at LLP, llpc ′′ .  Lastly, the contact length 
based on experiments is obtained using the gap opening instruments attached along the 
horizontal joint at the base of Panel 1, as discussed in Chapter 6. 
 
Figure 8.13 compares the estimated contact length at the wall base based on experiments, 
fiber model cyclic analyses, and the closed-form expressions for TW2 through TW5.  It is 
seen that, in general, the contact length estimates based on fiber model analyses and the 
closed-form expressions agree well with the contact lengths obtained experimentally for 
selected limit states during the cyclic lateral load response of the test walls.  The only 
major discrepancy between the analysis results and the experiments is observed in Figure 
8.13(b) for westward loading of TW3, where the contact length from the experiments is 
much larger than from the analyses.  Again, the experimental results were affected by 
poor consolidation of the concrete at the west end of Panel 1 of TW3.  Therefore, the 
results shown in Figure 8.13(b) for westward loading of TW3 are not considered in 
evaluating the accuracy of the analytical models.  The values plotted in Figure 8.13 for 
the fiber model analyses are summarized in Tables 8.10 and 8.11 for eastward and 
westward half-cycles of loading, respectively.  The values plotted for the experiments in 
Figure 8.13 are summarized in Tables 6.2 and 6.3 for eastward and westward half-cycles 
of loading, respectively. 
 
8.1.6 Equilibrium Check at Wall Base for Fiber Model Analysis 
The results presented above show that, in general, the fiber model analysis results are in 
good agreement with experimental results for comparisons of the base shear-lateral drift 
response, PT bar forces, and the contact length at the wall base.  However, it was 
observed in Figures 8.9(b) and 8.10(b) that for TW4 and TW5, the base shear from the 
cyclic fiber model analyses are larger than from the monotonic fiber model analyses.  The 
expectation is that the monotonic lateral load response curves should serve as envelopes 
to the cyclic lateral load responses.  Thus, it was noted that for TW4 and TW5, the fiber 
model appears to have difficulties capturing the correct lateral load response.   
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Figure 8.14 is used to identify the source of the discrepancy in the fiber model analyses.  
Figure 8.14(a) shows the estimated stress distribution at the base of TW5; two 
compression stress resultants, C  and *C  and their locations from the centerline of the 
wall, l  and *l , respectively; and two moment values CM  and 
*
CM , where ClMC ⋅=  
and *** ClMC ⋅= . 
 
C  and CM  are the axial force and bending moment, respectively, at the bottom end of 
the fiber element at the base of the wall (see Figure 7.9).  Thus, C  and CM  are the 
compression resultant and the moment at the wall base obtained directly from this fiber 
element at a given instant in the loading history.  These forces are in equilibrium with the 
applied lateral loads, applied vertical loads, and truss element forces in the model.  The 
value of l  was determined by diving CM  by C . 
 
The terms *C , *CM , and 
*l  in Figure 8.14(a) correspond to the estimated stress 
distribution shown in the figure.  The estimated stress distribution was not obtained 
directly from the fiber element during the fiber model analysis of the wall because the 
fiber element in the DRAIN-2DX program (Prakash and Powell 1993) does not provide 
these results.  The stress distribution and the associated values of *C , *CM , and 
*l  were 
estimated using a separate analysis, as described below to enable *C , *CM , and 
*l  to be 
compared to C , CM , and l .  The purpose of the comparison is to check equilibrium 
within the fiber element at the base of the wall. 
The process for obtaining the stress distribution at the base of the wall is based on a 
procedure described by Kurama et al. (1996). 
 
Step 1.  The strain history is determined for each fiber in the critical fiber slice at the base 
of the wall from the cyclic analysis of the test wall (TW5 in this case).  The strain history 
of each fiber is calculated from the curvature and axial strain history of the critical fiber 
slice.   
 
Step 2.  A separate model is created using the DRAIN-2DX program (Prakash and 
Powell 1993).  This model, referred to as the fiber stress model (or the F.S. model) in this 
discussion, is comprised of a single fiber element containing only one fiber segment and 
thus only one slice, as shown in Figure 8.15.  The fiber element in the F.S. model 
contains two fibers in the cross-section (the DRAIN-2DX program requires a minimum 
of two fibers to represent the cross-section in each slice).  A total cross-sectional area of 
unity and a unit length are assigned to the fiber element in the F.S. model. 
 
Step 3.  The point in the loading history of the fiber model analysis of the wall for which 
the compression stress distribution is sought is selected and the fibers which are in 
contact (i.e., the fibers with compressive strains) are identified.  For the case treated 
herein, the point selected corresponds to Θ = 2.5% when reached for the first time in the 
monotonic and cyclic lateral load analyses of TW5 (see Figure 8.10(b)), because at this 
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drift, the discrepancy between the monotonic and the cyclic base shear values is the 
largest. 
 
Step 4.  Each fiber identified in the Step 3 is modeled using the F.S. model.  Depending 
on whether the fiber is a confined concrete fiber or an unconfined concrete fiber, the 
corresponding stress-strain relationship is assigned to the fiber element in the F.S. model 
(e.g., for TW5, the unconfined concrete fibers are assigned the discretized unconfined 
concrete stress-strain relationship shown in Figure 7.11, while the confined concrete 
fibers are assigned the stress-strain relationship labeled “Discretization 2” in Figure 
7.11).  
 
Step 5.  The strain history obtained for each fiber in Step 1 is applied as a vertical (i.e., 
axial) nodal displacement history to the top node of the F.S. model (see Figure 8.15).  
Since the total cross-sectional area of the two fibers in the F.S. model is unity and the 
length of the fiber element is unity, the load-deformation response obtained from the F.S. 
model analysis corresponds to the stress-strain response of the fiber from the fiber model 
of the test wall. 
 
Step 5 is conducted for each of the fibers identified in Step 3 (i.e., for each of the fibers 
that are in compression at the selected point in the loading history of the test wall) to 
obtain their stress histories.  From the fiber stresses and the fiber cross-sectional areas 
(i.e., the area assigned to each fiber in the test wall fiber model), the compressive force 
carried by each fiber is computed and summed over all the fibers to obtain the 
compression resultant, *C .  From the compressive force in each fiber and the location of 
each fiber relative to the centroidal axis of the wall, the moment resisted by each fiber at 
the wall base along the wall centerline is computed and summed over all the fibers to 
obtain the moment resultant, *CM .  
*l  is obtained by dividing *CM  by 
*C . 
 
The above procedure was used to obtain the stress distributions and the associated values 
of *C , *CM , and 
*l  at Θ = 2.5% during the fiber model analysis of TW5 under 
monotonic loading (Figure 8.14(a)) and cyclic loading (Figure 8.14(b)).  Figure 8.14(a) 
shows that the stress distribution, *C , *CM , and 
*l  estimated using the F.S. model and the 
procedure described above, are in excellent agreement with the results obtained directly 
from the fiber model analysis of TW5 under monotonic loading.  That is, *C  is equal to 
C  and *CM  is approximately equal to CM .  The difference between 
*
CM  and CM  is due 
to the fact that *CM  is computed at the height of the slice at the critical fiber segment, 
which is 4.75 in. above the base of the wall, while CM  is calculated at the base of the 
wall.  Thus, the difference in *CM  and CM  is equal to the product of the shear force in 
the fiber element at the base of the wall and the lever arm of 4.75 in. (i.e., 101 kips x 4.75 
in. = 480 kip-in.).  Thus, Figure 8.14(a) shows that the equilibrium conditions in the fiber 
element at the wall base are satisfied without error. 
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However, Figure 8.14(b) shows that a large discrepancy exists between the stress 
distribution, *C , *CM , and 
*l  estimated at the wall base using the F.S. model and the 
procedure described above and the results obtained directly from the fiber model analysis 
of TW5 under cyclic loading.  Note that according to the fiber model analysis of TW5, 
the compression stress resultant is located 4.5 in. beyond the right edge of the wall.  
Similar results are shown in Tables 8.10 and 8.11 at selected limit states from the cyclic 
lateral load analyses of TW4 and TW5 using the fiber model (see negative lC values in 
Tables 8.10 and 8.11).  Furthermore, there is a 25% error between *C  and C .  These 
results indicate that the fiber element in the DRAIN-2DX program (Prakash and Powell 
1993) does not verify that the stress resultants at the fiber slice are in equilibrium with the 
element nodal forces.  That is, the DRAIN-2DX program ensures that, for a given load 
step, equilibrium is satisfied at the nodes, but after the strain and stress conditions in each 
fiber at each slice are updated, equilibrium errors that may exist between the stress 
resultants at the fiber slices and the forces at the ends of the element are not corrected.  
These discrepancies appear to result from overshooting errors, which occur as the 
overshoot tolerances specified for the DRAIN-2DX fiber element are relaxed to allow the 
fiber element to converge, as discussed next. 
 
The overshoot tolerance specified in the DRAIN-2DX program (Prakash and Powell 
1993) limits the amount by which an element stress (or force) can deviate from its 
previously defined nonlinear stress-strain (or force-displacement) behavior during an 
analysis step.  Thus, the smaller the overshoot tolerance, the more accurate the analysis 
will be.  Typically, to achieve convergence of the fiber element using a small overshoot 
tolerance (e.g., 0.0001), the displacement increment for an analysis step must be small 
(e.g., 0.01 in. at the top of the wall). Small steps are costly in terms of execution time and 
do not always guarantee convergence of the fiber element.  Thus, the overshoot 
tolerances often must be relaxed for successful completion of the analysis.  It is noted that 
for a static analysis, the overshoot tolerances may be changed between analysis segments, 
but may not be changed during a dynamic analysis.  Therefore, an accumulation of error 
may occur due to the relaxed overshoot tolerances that are required for successful 
completion of an analysis.  As shown in Figure 8.14(a), the monotonic fiber analysis of 
TW5 did not generate a significant equilibrium error because this analysis could be 
successfully performed using a very small overshoot tolerance (i.e., 0.0001).  This is 
typical of a monotonic fiber model analysis, since many small steps could be used to 
represent the unidirectional loading history, thus allowing the overshoot tolerance to 
remain small without convergence problems in the fiber element.  However, as shown in 
Figure 8.14(b), a significant equilibrium error was introduced as a result of the relaxed 
overshoot tolerances (e.g., 0.01) used to obtain proper convergence of the fiber element.  
This equilibrium error significantly affected the lateral load response of TW4 and TW5 
only, which are the test walls with the lower initial prestress levels (refer to Table 5.5).  It 
is not clear at this time how this equilibrium error relates to the initial prestress level on a 
wall. 
  
It is thus recommended that the base shear capacity from cyclic or dynamic analyses of 
the wall fiber model be carefully compared to the base shear capacity obtained from a 
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monotonic loading analysis (with small overshoot tolerances specified) or from the 
closed-form expressions to check for possible equilibrium errors. 
 
8.2 SUMMARY OF RESULTS 
The comparisons between analytical results (i.e., fiber model results and results based on 
closed-form expressions) and experimental results showed that, in general, monotonic 
fiber model analysis results and results obtained using the closed-form expressions 
derived in Chapter 2 accurately capture the lateral load response of TW1 through TW5.  
Results showed that the limit states that characterize the lateral load response of the walls 
occur at force and drift levels predicted by the analytical models, except that the lateral 
drift at failure (i.e., Θccc) is overpredicted by the analytical models. 
 
It was shown that for TW1, the fiber model captures the global behavior (e.g., deflected 
shape and rotation profile), as well as the local behavior at the base of the wall (e.g., gap 
opening response and contact length prediction).  It was also shown that, under cyclic 
loading, the fiber model accurately estimates the forces that develop in the PT bars.  In 
addition, comparisons of the variation in the contact length along the horizontal joint at 
the base showed that the analytical models are effective in predicting the length over 
which gap opening occurs at the wall base. 
 
Cyclic lateral load analyses showed that the fiber model was effective in predicting the 
lateral load response of TW2 and TW3.  For TW2 and TW3, the fiber model accurately 
captured the base shear capacities during each loading cycle as well as the self-centering 
behavior.  However, for TW4 and TW5, the fiber model overpredicted the base shear 
capacities obtained from the experiments and from the monotonic fiber model analyses.  
This error is believed to have resulted from an accumulation of error due to relaxed 
overshoot tolerances used for the cyclic loading analyses of these walls.  The relaxed 
overshoot tolerances were required for a successful completion of the cyclic loading 
analyses. 
  
Based on these findings, caution should be exercised when utilizing the fiber model to 
perform cyclic or dynamic analyses of a wall, especially if the initial prestress on the wall 
relatively low.  It is recommended that the base shear capacity from cyclic or dynamic 
analyses of the wall fiber model be carefully compared to the base shear capacity 
obtained from a monotonic loading analysis (with small overshoot tolerances specified) 
or from closed-form expressions to check for possible equilibrium errors. 
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Table 8.1. Symbols used to identify limit states for analyses and experiments. 
 
 
 
 
 
 
Table 8.2. Lateral load results based on closed-form expressions. 
Test 
Wall 
Vdec 
(kips) 
Θdec
(%) 
Vell 
(kips)
Θell 
(%) 
Vllp 
(kips)
Θllp 
(%) 
Vccc 
(kips) 
Θccc 
(%) 
TW1, TW2 49.0 0.07 115.2 0.18 157.8 1.60 157.8 3.70 
TW3 49.0 0.06 116.8 0.14 155.8 1.58 155.8 3.75 
TW4 29.6 0.04 74.0 0.09 148.2 2.71 148.2 4.14 
TW5 29.6 0.04 73.9 0.09 99.7 1.26 99.7 6.24 
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Table 8.3. Fiber model analysis results for selected limit states (monotonic loading). 
DEC SPL LLP CCC 
Test  
Wall 
Loading 
Direction 
Vdec 
(kips) 
Θdec 
(%) 
Vspl 
(kips) 
Θspl 
(%) 
Vllp 
(kips) 
Θllp 
(%) 
Vccc 
(kips) 
Θccc 
(%) 
TW1 Eastward 52.0 0.08 132.6 0.52 156.3 1.44 162.5 4.11 
Eastward 52.0 0.08 132.6 0.52 156.3 1.44 162.5 4.11 
TW2 
Westward -52.1 -0.08 -133.2 -0.52 -158.5 -1.44 -166.5 -4.11
Eastward 52.5 0.06 132.1 0.45 154.2 1.44 155.4 3.55 
TW3 
Westward -47.8 -0.06 -132.8 -0.46 -156.3 -1.44 -158.2 -3.55
Eastward 31.6 0.04 93.5 0.52 142.7 2.52 157.6 4.66 
TW4 
Westward -31.6 -0.04 -94.0 -0.52 -146.1 -2.52 -164.3 -4.65
Eastward 33.2 0.04 88.1 0.54 99.9 1.19 102.7 6.49 
TW5 
Westward -33.3 -0.04 -88.3 -0.53 -101.1 -1.19 -105.3 -6.46
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Table 8.4. Comparison of experimental and analytical results for TW1. 
DEC SPL LLP CCC 
Result 
Type 
Loading 
Direction 
Vdec 
(kips)
Θdec
(%) 
Vspl 
(kips)
Θspl 
(%) 
Vllp 
(kips)
Θllp 
(%) 
Vccc 
(kips) 
Θccc
(%) 
Exp. Eastward 51.2 0.07 134.5 0.61 154.5 1.35 148.1 3.57
F.M.A. Eastward 52.0 0.08 132.6 0.52 156.3 1.44 162.5 4.11
C.F.E. Eastward 49.0 0.07 - - 157.8 1.60 157.8 3.70
 
 
 
 
Table 8.5. Comparison of experimental and analytical results for TW2. 
DEC SPL LLP CCC 
Result 
Type 
Loading 
Direction 
Vdec 
(kips) 
Θdec 
(%) 
Vspl 
(kips) 
Θspl 
(%) 
Vllp 
(kips) 
Θllp 
(%) 
Vccc 
(kips) 
Θccc 
(%) 
Eastward 45.0 0.07 133.5 0.65 150.8 1.44 122.0* 2.50*
Exp. 
Westward -46.6 -0.08 -130.1 -0.57 -151.3 -1.51 -147.9 -2.83
Eastward 52.0 0.08 132.6 0.52 156.3 1.44 162.5 4.11 F.M.A. 
(mono- 
tonic) Westward -52.1 -0.08 -133.2 -0.52 -158.5 -1.44 -166.5 -4.11
Eastward 56.2 0.09 132.5 0.52 160.8 1.46 156.5 3.69 F.M.A. 
(cyclic) Westward -53.0 -0.08 -133.9 -0.52 -156.9 -1.45 - - 
C.F.E. Eastward 49.0 0.07 - - 157.8 1.60 157.8 3.70 
* Corresponds to Failure 2B (instability failure on east end). 
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Table 8.6. Comparison of experimental and analytical results for TW3. 
DEC SPL LLP CCC 
Result 
Type 
Loading 
Direction 
Vdec 
(kips) 
Θdec 
(%) 
Vspl 
(kips) 
Θspl 
(%) 
Vllp 
(kips) 
Θllp 
(%) 
Vccc 
(kips) 
Θccc 
(%) 
Eastward 55.3 0.07 139.5 0.83 150.7 1.63 125.1 2.74 
Exp. 
Westward -54.3 -0.07 -74.2 -0.13 -135.8 -1.54 -121.8 -2.54
Eastward 52.5 0.06 132.1 0.45 154.2 1.44 155.4 3.55 F.M.A. 
(mono- 
tonic) Westward -47.8 -0.06 -132.8 -0.46 -156.3 -1.44 -158.2 -3.55
Eastward 47.2 0.06 127.1 0.40 159.3 1.46 131.5 2.85 F.M.A. 
(cyclic) Westward -51.4 -0.06 -127.7 -0.40 -161.6 -1.48 - - 
C.F.E. Eastward 49.0 0.06 - - 155.8 1.58 155.8 3.75 
 
 
Table 8.7. Comparison of experimental and analytical results for TW4. 
DEC SPL LLP CCC 
Result 
Type 
Loading 
Direction 
Vdec 
(kips) 
Θdec 
(%) 
Vspl 
(kips) 
Θspl 
(%) 
Vllp 
(kips) 
Θllp 
(%) 
Vccc 
(kips) 
Θccc 
(%) 
Eastward 30.1 0.04 97.0 0.74 132.1+ 2.84+ 103.9 2.97 
Exp. 
Westward -32.2 -0.05 -103.4 -0.94 -140.6 -2.90 -102.0 -3.59
Eastward 31.6 0.04 93.5 0.52 142.7 2.52 157.6 4.66 F.M.A. 
(mono- 
tonic) Westward -31.6 -0.04 -94.0 -0.52 -146.1 -2.52 -164.3 -4.65
Eastward 29.9 0.03 111.3 0.57 165.5 3.00 - - F.M.A. 
(cyclic) Westward -34.1 -0.04 -113.7 -0.60 -169.4 -2.70 -146.7 -2.97
C.F.E. Eastward 29.6 0.04 - - 148.2 2.71 148.2 4.14 
+ LLP was not reached (i.e., PT1 did not yield); values correspond to Vmax. 
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Table 8.8. Comparison of experimental and analytical results for TW5. 
DEC SPL LLP CCC 
Result 
Type 
Loading 
Direction 
Vdec 
(kips) 
Θdec 
(%) 
Vspl 
(kips)
Θspl 
(%) 
Vllp 
(kips) 
Θllp 
(%) 
Vccc 
(kips) 
Θccc 
(%) 
Eastward 28.4 0.05 86.9 0.65 97.8 1.44 ** ** 
Exp. 
Westward -29.8 -0.04 -85.9 -0.65 -97.7 -1.50 ** ** 
Eastward 33.2 0.04 88.1 0.54 99.9 1.19 102.7 6.49 F.M.A. 
(mono- 
tonic) Westward -33.3 -0.04 -88.3 -0.53 -101.1 -1.19 -105.3 -6.46
Eastward 34.0 0.04 88.9 0.54 106.7 1.25 115.2 3.81 F.M.A. 
(cyclic) Westward -34.0 -0.04 -90.6 -0.54 -108.6 -1.28 - - 
C.F.E. Eastward 29.6 0.04 - - 99.7 1.26 99.7 6.24 
** CCC was not reached.  
 
Table 8.9. Fiber model analysis results for selected limit states (cyclic loading). 
DEC SPL LLP CCC 
Test  
Wall 
Loading 
Direction 
Vdec 
(kips) 
Θdec 
(%) 
Vspl 
(kips) 
Θspl 
(%) 
Vllp 
(kips) 
Θllp 
(%) 
Vccc 
(kips) 
Θccc 
(%) 
Eastward 56.2 0.09 132.5 0.52 160.8 1.46 156.5 3.69 
TW2 
Westward -53.0 -0.08 -133.9 -0.52 -156.9 -1.45 - - 
Eastward 47.2 0.06 127.1 0.40 159.3 1.46 131.5 2.85 
TW3 
Westward -51.4 -0.06 -127.7 -0.40 -161.6 -1.48 - - 
Eastward 29.9 0.03 111.3 0.57 165.5 3.00 - - 
TW4 
Westward -34.1 -0.04 -113.7 -0.60 -169.4 -2.70 -146.7 -2.97
Eastward 34.0 0.04 88.9 0.54 106.7 1.25 115.2 3.81 
TW5 
Westward -34.0 -0.04 -90.6 -0.54 -108.6 -1.28 - - 
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Table 8.10. Equilibrium conditions at selected limit states for eastward half-cycles using the fiber model. 
 
 
 
 
 
 
 
 
 
 
 
 
Test 
Wall 
Limit 
State 
TPT1 
(kips) 
TPT2 
(kips)
TPT3 
(kips)
TPT4 
(kips)
TPT5 
(kips)
TPT6 
(kips)
N 
(kips) 
V=Vx 
(kips)
C 
(kips)
lC 
(in.)
lgo 
(in.)
c 
(in.)
c ′′  
(in.)
DEC 111.8 111.2 110.2 109.0 108.1 107.5 173.4 56.2 828 30.8 3.8 96.2 - 
SPL 130.2 127.0 121.8 115.4 110.2 107.1 173.4 132.5 882 7.7 76.0 24.0 - 
LLP 172.5 164.6 151.3 135.1 121.9 113.8 173.4 160.8 1030 6.7 81.2 18.8 18.5
TW2 
CCC 173.6 173.4 173.0 154.1 96.1 60.6 173.4 156.5 1001 5.9 78.6 21.4 21.1
DEC 111.2 110.8 110.2 109.4 108.8 108.4 173.4 47.2 829 33.9 -5.6 106 - 
SPL 125.4 123.0 119.1 114.2 110.3 107.9 173.4 127.1 870 8.8 75.6 24.4 - 
LLP 172.5 164.6 151.6 135.7 122.7 114.7 173.4 159.3 1032 7.3 79.4 20.6 20.4
TW3 
CCC 164.1 164.8 165.8 131.8 81.8 51.2 173.4 131.5 930 12.1 73.8 26.2 26.0
DEC 55.2 55.0 54.6 54.1 53.7 53.4 173.4 29.9 496 33.0 -2.4 102 - 
SPL 80.2 76.8 71.3 64.6 59.1 55.7 173.4 111.3 578 -3.8 82.2 17.8 - 
LLP 172.5 160.3 136.0 106.2 81.8 66.9 173.4 165.5 894 -0.6 78.8 21.2 21.0
TW4 
CCC - - - - - - - - - - - - - 
DEC 110.5 109.5 108.4 - - - 173.4 34.0 499 30.7 3.9 96.1 - 
SPL 135.6 124.3 113.0 - - - 173.4 88.9 543 3.9 86.1 13.9 - 
LLP 172.5 147.6 122.7 - - - 173.4 106.7 613 1.2 86.8 13.2 13.0
TW5 
CCC 173.8 170.7 30.4 - - - 173.4 115.2 545 -7.7 78.9 21.1 20.9
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Table 8.11. Equilibrium conditions at selected limit states for westward half-cycles using the fiber model. 
 
  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Test 
Wall 
Limit 
State 
TPT1 
(kips) 
TPT2 
(kips)
TPT3 
(kips)
TPT4 
(kips)
TPT5 
(kips)
TPT6 
(kips)
N 
(kips) 
V=Vx 
(kips) 
C 
(kips)
lC 
(in.)
lgo 
(in.)
c 
(in.)
c ′′  
(in.)
DEC 107.6 108.2 109.1 110.2 111.1 111.7 173.4 -53.0 828 31.9 0.6 99.4 - 
SPL 107.0 110.2 115.4 121.7 126.8 130.0 173.4 -133.9 882 7.5 75.8 24.2 - 
LLP 112.1 122.2 135.4 151.5 164.7 172.5 173.4 -156.9 1029 8.4 77.4 22.6 22.3
TW2 
CCC - - - - - - - - - - - - - 
DEC 108.3 108.7 109.4 110.2 110.9 111.3 173.4 -51.4 829 32.5 -1.1 101 - 
SPL 107.9 110.3 114.2 119.1 123.0 125.4 173.4 -127.7 870 8.8 75.6 24.4 - 
LLP 113.0 123.0 136.1 152.2 165.3 172.5 173.4 -161.6 1033 7.3 79.3 20.8 20.6
TW3 
CCC - - - - - - - - - - - - - 
DEC 53.3 53.6 54.0 54.6 55.0 55.3 173.4 -34.1 496 30.6 4.2 95.8 - 
SPL 56.0 59.5 65.3 72.3 78.1 81.6 173.4 -113.7 583 -4.1 82.2 17.8 - 
LLP 63.0 80.9 105.9 136.4 161.3 172.5 173.4 -169.4 891 -0.5 77.9 22.1 21.9
TW4 
CCC 41.5 75.3 107.0 139.9 166.8 166.7 173.4 -146.7 867.4 6.0 76.2 23.8 23.6
DEC 108.4 109.5 110.5 - - - 173.4 -34.0 499 30.7 4.1 95.9 - 
SPL 112.8 124.1 135.4 - - - 173.4 -90.6 543 3.3 85.8 14.2 - 
LLP 110.2 148.7 172.5 - - - 173.4 -108.6 602 0.5 86.9 13.1 12.9
TW5 
CCC - - - - - - - - - - - - - 
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Figure 8.1. Comparison of lateral load response of TW1 based on analytical
                   models and experiment.
Figure 8.2. Comparison of gap opening along base joint of TW1 based on
                  fiber model analysis and experiment.
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Figure 8.3. Comparison of contact length at wall base for TW1 based on
                   analytical models and experiment.
Figure 8.4. TW1 displaced shape based on fiber model analysis and experiment.
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Figure 8.5. TW1 rotation profile based on fiber model analysis and experiment.
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Figure 8.6. Envelope experimental lateral load response curves versus analytical
                  monotonic analysis results.
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Figure 8.7. Cyclic response of TW2.
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Figure 8.8. Cyclic response of TW3.
(a) Fiber model analysis
(b) Fiber model analyses and experiment
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Figure 8.9. Cyclic response of TW4.
(a) Fiber model analysis
first drift cycles to
1%, 1.5%, 2%, 3%, and 3.5%
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Figure 8.10. Cyclic response of TW5.
(a) Fiber model analysis
first drift cycles to
1%, 1.5%, 2%, 3%,
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Figure 8.11. Normalized stress and force in PT bars for TW2 based on
                     fiber model analysis and experiment.
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(c) PT3
(d) PT4
Figure 8.11 continued.
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(e) PT5
(f) PT6
Figure 8.11 continued.
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Figure 8.12. Normalized stress and force in PT bars for TW5 based on
                     fiber model analysis and experiment.
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(c) PT3
Figure 8.12 continued.
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Figure 8.13. Contact length at wall base based on analytical models and experiment.
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Figure 8.14. Evaluation of accuracy of stress distributions and compression 
                    resultants at base of TW5 based on fiber model.
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Figure 8.15. Fiber stress (F.S.) model used to obtain stress 
                    distribution at the wall base.
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 CHAPTER 9 
 
SUMMARY, CONCLUSIONS, AND FUTURE WORK 
 
This chapter presents a brief summary of the material contained in this report.  
Important findings are highlighted and conclusions are drawn.  Future research needs 
are also identified. 
 
9.1 SUMMARY 
The objective of the present study was to experimentally evaluate the lateral load 
response of unbonded post-tensioned precast concrete walls with horizontal joints and 
to verify two analytical models which are used to predict the lateral load response of 
these walls.  Chapter 1 presents background information which includes a summary of 
previous research on the seismic design and behavior of unbonded post-tensioned 
precast concrete walls with horizontal joints.   
 
Chapter 2 describes the expected lateral load behavior of unbonded post-tensioned 
precast concrete walls.  Under the action of lateral loads, the expected behavior 
includes: (1) decompression at the base of the wall; (2) substantial reduction in lateral 
stiffness (i.e., softening) due to gap opening along the horizontal joint at the base of the 
wall and from nonlinear behavior of the concrete in compression; (3) yielding of the PT 
steel; (4) base shear capacity; (5) partial or complete loss of prestress due to inelastic 
straining of the PT steel; and (6) failure due to crushing of confined concrete at the base 
of the wall.  The lateral load behavior of an unbonded post-tensioned precast concrete 
wall with horizontal joints is idealized using a tri-linear idealized relationship defined 
by three sets of base shear (V) and lateral drift (Θ) values (see Figure 2.4): (1) at an 
effective linear limit controlled by gap opening and/or concrete nonlinearity (Vell and 
Θell); (2) at yielding of the PT steel (Vllp and Θllp); and (3) at crushing of confined 
concrete (Vccc and Θccc).  A set of generalized closed-form expressions are derived in 
Chapter 2 to predict the tri-linear idealized lateral load response of unbonded post-
tensioned precast concrete walls under combined gravity and lateral loads.  These 
closed-form expressions can be used to design unbonded post-tensioned precast 
concrete walls to satisfy current building code requirements. 
 
Chapter 3 describes a seismic design approach originally proposed by Kurama et al. 
(1996, 1997, 1999a, 1999b) for buildings with unbonded post-tensioned precast 
concrete walls as the primary lateral load resisting system.  The design approach is a 
performance-based design approach which allows the designer to specify and predict 
the performance (degree of damage) of a building for a specified level of ground motion 
intensity.  The following two ground motion levels are considered in the design 
approach: (1) a design level ground motion; and (2) a maximum considered ground 
motion.  The design approach includes seismic design criteria to achieve the required 
performance.  The criteria are expressed as comparisons between seismic design 
capacities and seismic design demands.  The criteria control the following: (1) 
softening; (2) base moment capacity (quantified in terms of base shear capacity of the 
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wall); (3) yielding of PT steel; (4) story drift; (5) crushing of confined concrete (i.e., 
failure of the wall); (6) fracture of PT steel; and (7) roof drift under maximum 
considered ground motion.  In addition, previous research conducted by Kurama et al. 
(1997) is used in conjunction with the current ACI 318 Code (2002) to establish a set of 
guidelines for detailing an unbonded post-tensioned precast wall for lateral load 
resistance.  Chapter 3 describes how the closed-form expressions are used to estimate 
the seismic design capacities for checking the design criteria.  The seismic design 
demands are expressed in terms of code-specified demands using the IBC-2003 and 
ASCE 7-02 (2003) specifications. 
 
Chapter 4 describes a prototype structure for which a full-scale prototype unbonded 
post-tensioned precast concrete wall is designed using the seismic design approach 
described in Chapter 3.  The prototype structure selected in the present study is a 
modified version of the prototype structure designed by Kurama et al. (1997) for a high 
seismic region.  Chapter 4 shows that the full-scale prototype wall treated in the present 
study satisfies all of the criteria of the design approach. 
 
Chapter 5 provides a detailed description of the experimental program.  The 
relationship between the full-scale prototype wall, a scaled prototype wall, and a test 
wall (i.e., a typical test specimen) is established.  A description is given of the test 
fixture which was used to restrain the test walls from out-of-plane displacements, but 
allowed the test walls to displace laterally in-plane with minimal friction between the 
test walls and the test fixture.  Details are given regarding the wall panel reinforcement 
and the design material properties considered for each of the test walls treated in the 
experimental program.  The test matrix, which identifies the parameters investigated 
experimentally, is described.  The following parameters were varied: (1) total area of 
PT steel; (2) initial stress in the PT steel; (3) initial stress in the wall due to post-
tensioning; and (4) confining reinforcement details in the base panel.  A total of five test 
walls were tested; one test wall was tested under monotonic lateral loading and constant 
gravity load, while four test walls were tested under cyclic lateral loading and constant 
gravity load.  All tests were carried out in a quasi-static manner.  The instrumentation 
used in each of the test walls is identified in detail in Chapter 5 along with a description 
of the test procedure. 
 
Chapter 6 presents the experimental results for each test wall which are used to evaluate 
their performance under combined gravity and lateral loads.  The base shear-lateral drift 
response of each test wall is presented and discussed.  The limit states that were reached 
during the experiments are identified for each test wall.  For each limit state, plots are 
generated which describe the displaced shape, rotation profile, and gap opening 
behavior along the horizontal joint at the base of the walls.  The PT bar forces, the 
vertical load, and the applied lateral load are used to estimate the magnitude and 
location of the concrete compression stress resultant at the base of each test wall for 
selected limit states.  The loss of prestress is quantified and its effect on the ability of 
each test wall to self-center is discussed.  Stiffness degradation and energy dissipation 
are also addressed.  The observed failure modes for each test wall are described.  Lastly, 
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results are compared among test walls to investigate the influence of the selected 
parameters on the lateral load response of the test walls. 
 
Chapter 7 describes a fiber-based analytical model originally proposed by Kurama et al. 
(1996) for evaluating the lateral load response of unbonded post-tensioned precast 
walls.  The fiber model is adapted to model each of the test walls treated in the 
experimental program.  The modeling of material properties based on component tests 
is discussed for use in the fiber model and in the closed-form expressions.  Two 
confinement models are considered for modeling the confining effect of hoop 
reinforcement and spiral reinforcement on the concrete located at the ends of the test 
wall base panels.  
 
Chapter 8 compares the experimental results to analytical results based on the fiber 
model and on the closed-form expressions.  The comparisons are used to verify the 
accuracy of the analytical models in predicting the lateral load response of the test 
walls.  Included are comparisons of envelope lateral load response curves; cyclic lateral 
load response curves; gap opening behavior and contact length estimations; and PT bar 
forces.  Problems in the fiber model related to an accumulation of error are discussed. 
 
9.2 CONCLUSIONS 
The conclusions that are drawn from the present study are summarized below. The 
major findings and conclusions based on the experiments are summarized first, 
followed by the conclusions related to the accuracy of the fiber model and closed-form 
expressions. 
 
9.2.1 Experiments 
The following is a summary of major findings and conclusions based on the 
experimental study of five test walls under gravity and lateral loads. 
 
Experimental Lateral Load Response 
 
1. The limit states that characterize the lateral load response of an unbonded post-
tensioned precast concrete wall occurred as anticipated in the design stage. 
2. Significant gap opening behavior occurred along the base joint after the 
decompression limit state. 
3. Softening behavior can be attributed to gap opening behavior along the 
horizontal joint at the wall base and to nonlinear behavior of the concrete at the 
wall ends at the base (e.g., spalling).  
4. Yielding of the PT steel occurred, but the extent of yielding was minimal.  The 
largest strain measured in the PT bars corresponds to 23% of the strain capacity 
of the PT steel.  Thus, a large margin of safety exists against fracture of the PT 
steel. 
5. Prestress losses were observed under cyclic loading for all test walls.  Typically, 
between 11% and 29% of the initial prestress in a wall was lost, although one 
test wall lost its entire prestress.  However, all of the test walls displayed an 
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excellent self-centering capability.  The largest residual drift prior to failure was 
0.1%. 
6. Degradation of the initial lateral stiffness under cyclic loading was observed for 
all the test walls.  Stiffness degradation resulted from significant nonlinear 
behavior of the confined concrete regions at the ends of the base of the test 
walls, which reduced the tangent elastic modulus of the concrete as well as the 
moment of inertia of the walls due to permanent local deformations at the wall 
ends.  For one test wall, stiffness degradation resulted primarily from a complete 
loss of prestress. 
7. The test walls dissipated a small amount of energy dissipation per cycle of 
loading.  The primary source of energy dissipation in all but one test wall was 
the nonlinear behavior of the confined concrete regions at the ends of the base of 
the test wall.  PT steel yielding contributed to the energy dissipation capacity of 
the other test wall. 
8. Overall, the test wall lateral drifts were governed by the gap opening behavior 
along the base joint.  Thus, rigid-body motion from rotation of the wall due to 
gap opening behavior along the wall base contributed significantly to the 
displaced shape of the test walls. 
9. An unanticipated failure mode was observed for one test wall involving a local 
instability of the confined concrete region at one end of the base panel.  The 
observation of the unstable failure mode lead to a modification of the 
reinforcement details in the base panel of subsequent test walls.  Subsequent 
testing showed that the new reinforcement details were effective in preventing 
the unstable failure mode. 
10. The experiments showed that an unbonded post-tensioned precast concrete wall 
can be designed to maintain its base shear capacity up to a lateral drift of 6% 
without failing or suffering significant damage at the ends of the wall base. 
 
Control of Behavior Under Lateral Load 
The experimental parametric study showed that the lateral load behavior of an 
unbonded post-tensioned precast concrete wall can be controlled.  A summary is 
provided below of the influence of selected parameters on the base shear (V) and lateral 
drift (Θ) corresponding to the following limit states: (1) decompression (Vdec and Θdec); 
(2) initiation of cover spalling (Vspl and Θspl); (3) yielding of PT steel (Vllp and Θllp); and 
(4) crushing of confined concrete (Vccc and Θccc). 
 
1. Reducing the initial stress in the concrete, fci,p by reducing the initial prestress in 
the PT steel, fpi while maintaining a constant total area of PT steel, Ap decreased 
Θdec, Vdec, and Vspl; increased Θllp and Θccc; and had no effect on Vllp.  This 
resulted in a wall that softened earlier, but achieved the same strength and failed 
at a larger lateral drift than a wall with the same Ap, but with a higher fpi (and 
thus a larger fci,p).  
2. Reducing fci,p by reducing Ap while maintaining fpi constant reduced Θdec, Vdec, 
Vspl, and Vllp; increased Θccc; and had no effect on Θllp.  This resulted in a wall 
that softened earlier, had a reduced strength, yielded the PT bars at the same 
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drift level, but had over twice the lateral drift capacity of a wall with the same fpi 
but with a larger Ap (and thus a larger fci,p). 
 
9.2.2 Analytical Models 
The following is a summary of findings and conclusions based on comparisons between 
results from the two analytical models and the experiments.  The two analytical models 
consist of: (1) a fiber model originally proposed by Kurama et al. (1996) using the 
DRAIN-2DX program (Prakash and Powell 1993) for analyzing unbonded post-
tensioned precast concrete walls under combined gravity and lateral loads; and (2) a tri-
linear idealized model of the lateral load behavior defined by a set of generalized 
closed-form expressions derived in this report. 
 
Monotonic Analyses 
The summary of findings and conclusions based on comparisons between monotonic 
fiber model analysis results, results from the tri-linear model based on the closed-form 
expressions, and experimental results are as follows. 
 
1. In general, monotonic fiber model analysis results and results obtained using the 
tri-linear model accurately predicted the lateral load response of the test walls 
treated in the experimental study.  The limit states that characterize the lateral 
load response of the walls occurred at force and drift levels predicted by the 
analytical models, except that the lateral drift at failure (i.e., Θccc) was 
overpredicted by the analytical models. 
2. The analytical models were effective in predicting the length over which gap 
opening occurred along the horizontal joint at the wall base. 
3. The fiber model accurately captured the deflected shape and rotation profile of a 
wall as well as the gap opening width at the horizontal joint at the wall base. 
 
Cyclic Analyses 
The summary of findings and conclusions based on comparisons between cyclic fiber 
model analysis results and experimental results are as follows. 
 
1. The fiber model accurately estimated the forces that developed in the PT bars 
under cyclic loading. 
2. The fiber model accurately predicted the hysteretic lateral load response of the 
test walls with the largest initial prestress (i.e., fci,p = 1.19 ksi).  For these walls, 
the base shear capacities during each loading cycle and the self-centering 
behavior were accurately captured by the fiber model.   
3. The fiber model overpredicted the base shear capacities during each loading 
cycle beyond the decompression state for the test walls with the smallest initial 
prestress (i.e., fci,p = 0.59 ksi).  This is believed to have resulted from an 
accumulation of error due to relaxed overshoot tolerances specified during the 
cyclic analyses of these walls, which were required for successful completion of 
the analyses by the DRAIN-2DX program (Prakash and Powell 1993). 
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4. Caution should be exercised when utilizing the fiber model to perform cyclic or 
dynamic analyses of a wall, especially if the initial prestress on the wall is 
relatively low.  It is recommended that the base shear capacity from cyclic or 
dynamic analyses of the wall fiber model be carefully compared to the base 
shear capacity obtained from a monotonic loading analysis (with small 
overshoot tolerances specified) or from the closed-form expressions to check for 
possible equilibrium errors.  
 
9.3 FUTURE WORK 
The following areas of future work need to be investigated. 
 
1. The present study experimentally investigated the effects of a limited number of 
parameters on the lateral load response of unbonded post-tensioned precast 
concrete walls.  Other parameters (e.g., eccentricity of PT steel, varying the 
prestress in different groups of PT steel, alternate confining details, etc.) can be 
investigated to enhance the database available for verification of analytical 
models and to recommend appropriate capacity reduction factors for use in 
design. 
2. Nonlinear dynamic analyses by Kurama et al. (1996) on unbonded post-
tensioned precast concrete walls has shown that, due to higher mode effects, the 
resultant of the inertia forces at the time of maximum base shear can be as low 
as 25% of the wall height.  Thus, tests are required to investigate the shear 
resistance and shear slip capacity of unbonded post-tensioned precast concrete 
walls. 
3. The fiber model requires further development to identify and eliminate reasons 
for the accumulation of error observed in the present study for lightly-
prestressed walls, which leads to an overestimation of the base shear capacity of 
these walls under cyclic loading. 
4. The accuracy of the tri-linear relationship based on the closed-form expressions 
needs to be evaluated for a larger range of parameters.  
5. Studies are needed to enhance the energy dissipation capacity of unbonded post-
tensioned precast walls.  For example, Priestley et al. (1999) and Rahman and 
Restrepo (2000) have shown by experiments that it is possible to enhance the 
energy dissipation capacity of unbonded post-tensioned precast concrete walls 
by using yielding elements across the connections between precast concrete wall 
panels.  Alternate methods should be investigated considering not only the 
performance enhancement, but also constructability, inspection, and repair. 
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 A-1
APPENDIX A 
 
According to Mander et al. (1988a) the ultimate confined concrete compression strain, 
εcu, (defined as the longitudinal concrete compressive strain corresponding to fracture of 
the confining reinforcement) can be estimated as follows.  The ultimate strain energy 
capacity of the confining reinforcement per unit height of concrete core (Ush) is equated 
to the difference in the area under the stress-strain curve for the confined concrete (Ucc) 
and the area under the stress-strain curve for the unconfined (Uco) concrete (multiplied by 
the area of the concrete core), plus the strain energy stored in the longitudinal steel in 
compression (Usc).  That is: 
sccoccsh UUUU +−=          (A-1) 
where 
∫⋅=
sf
ssccssh dfAU
ε
ερ
0
 
∫⋅= cu cccccc dfAU
ε
ε
0
 
∫⋅= sp ccccco dfAU
ε
ε
0
 
∫⋅= cu cslccccsc dfAU
ε
ερ
0
 
and where ρs = ratio of volume of transverse reinforcement to volume of concrete core; 
Acc = area of concrete core; fs and εs = stress and strain in transverse (confining) 
reinforcement; εsf = fracture strain of transverse (confining) reinforcement; fc and εc = 
longitudinal compressive stress and strain in concrete; εcu = ultimate longitudinal 
concrete compressive strain; ρcc = ratio of volume of longitudinal reinforcement to 
volume of concrete core; fsl = stress in longitudinal reinforcement; and εsp = spalling 
strain of unconfined concrete.  Equation A-1 can be used to solve for εcu when the stress-
strain relationships for the unconfined concrete, confined concrete, transverse (confining) 
reinforcement, and longitudinal reinforcement are known. 
 
Based on testing and data analysis, Mander et al. (1988a) provide the following estimates 
for the total areas under the stress-strain curves of transverse (confining) reinforcement 
and unconfined concrete, respectively: =∫sf ssdf
ε
ε
0
110 MJ/m3 and ccc fdf
sp
′=∫ 017.0
0
ε
ε  
MJ/m3, where cf ′  is the quasi-static compressive strength of unconfined concrete in MPa 
(1 MPa = 145 psi).  It is noted that 110 MJ/m3 was obtained by Mander et al. (1988a) 
based on tests of transverse reinforcement with yield strengths, fsy, in excess of 40 ksi and 
55 ksi and with fracture strains, εsf, between 0.24 in./in. and 0.29 in./in. Substituting into 
Equation A-1 and simplifying, results in the following alternate equation that can be used 
to estimate εcu, based on Mander et al. (1988a): 
 A-2
ccslccccs fdfdf
cucu ′−⋅+= ∫∫ 017.0110
00
εε
ερερ  MJ/m3       (A-2) 
